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SAMMANFATTNING 

Vid dimensionering av broar beaktas ett temperaturlastfall i Eurokod som beskriver skillnader 

mellan temperatur i olika konstruktionsdelar. Lastfallet är emellertid väldigt förenklat och 

lämnar ett stort tolkningsutrymme, vilket har lett till en osäkerhet kring hur lastfallet ska beaktas. 

Det aktuella forskningsprojektet har därför syftat till att undersöka vilka temperaturvariationer 

som kan uppkomma i broar i svenskt klimat i verkligheten, och vilka sprickvidder som 

temperaturvariationerna i kombination med skillnader i krympning kan ge upphov till.  

 

Inom projektet har ett nytt temperaturlastfall för dimensionering av plattrambroar med hänsyn 

till temperaturskillnader mellan konstruktionsdelar tagits fram. Lastfallet anger konstanta 

temperaturer i plattrambroarnas konstruktionsdelar, men inkluderar också övergångszoner i 

ramhörnen och i rambenens underkant, längs vilka temperaturen varierar linjärt.  

 

Resulterande sprickvidder har också undersökts. Det har konstaterats att sprickorna blir mindre 

än vad som fås om styvhetsminskningen orsakad av uppsprickning inte beaktas, men någon 

enkel metod för att ta hänsyn till detta vid dimensionering har inte kunnat tas fram, utan lämnas 

till framtida forskningsprojekt. 

 
Inom projektet har det också skrivits en rapport ”Restraint effects in design of portal frame bridges” 

vilken visar på en praktisk tillämpning av temperaturlastfallet, se bilaga B. Trafikverket planerar 

att hänvisa till ovanstående rapport i nästa version av Råd Brobyggande. 
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1. PROJEKTBAKGRUND OCH SYFTE 
Detta projekt är en fortsättning av projekt nr 13136 ”Utvärdering, hantering och modellering av 

tvångslaster i betongbroar”. Bakgrunden till båda projekten är att det temperaturlastfall i Eurokod 

som beskriver skillnader i temperatur mellan konstruktionsdelar kan tolkas och hanteras på olika 

sätt vid dimensionering. Detta kan i sin tur leda till väldigt olika resultat i form av erforderlig 

armeringsmängd för sprickviddsbegränsning. Projekten har fokuserat på plattrambroar då 

problematiken blir väldigt tydlig för denna brotyp på grund av att brobaneplatta och ramben samt 

ramben och bottenplatta är fast inspända i varandra, samtidigt som det är den vanligaste brotypen i 

Sverige.  

Enligt det nuvarande lastfallet i Eurokod ska en temperaturskillnad på 15°C antas gälla mellan 

väsentliga konstruktionsdelar i broar [1]. Detta lastvärde är emellertid en grov uppskattning, då det 

är oberoende av exempelvis brotyp och brons geografiska placering. Hur temperaturen varierar inom 

konstruktionsdelarna beskrivs inte heller i lastfallet. Dimensionering av broar görs i dagsläget i 

Sverige med 3D-modeller med linjärelastisk materialmodell för betong. Om man i en sådan modell 

antar att temperaturen är jämn inom respektive konstruktionsdel, och att temperaturen därmed 

ändras över en skarp gräns mellan konstruktionsdelarna, fås stora spänningar i modellen, såvida 

inte betongens E-modul reduceras kraftigt. Dessa spänningsvärden är emellertid osannolika, på 

grund av att denna tolkning av temperaturlastfallet är grovt förenklad. Dessutom fångas inte den 

styvhetsminskning som sker vid uppsprickning i modellen, eftersom betongen inte kan spricka då en 

linjärelastisk materialmodell används. Detta har lett till att flera olika tolkningar av exempelvis 

temperaturfördelning och konstruktionens styvhet har använts av brokonstruktörer, som i sin tur 

kan ge olika resultat för erforderlig armering. Det har samtidigt varit svårt att avgöra rimligheten i 

de olika tillvägagångssätten, då det saknats forskning på området.  

Syftet med detta forskningsprojekt har varit att ta fram nya temperaturlastvärden för fallet med 

olika temperatur i olika konstruktionsdelar i plattrambroar i Sverige, och beskriva hur 

temperaturen kan antas variera inom konstruktionsdelarna. Projektet har också syftat till att 

undersöka hur den minskning av tvång som sker vid uppsprickning påverkar sprickvidderna i 

konstruktionen. Projektet har utförts som ett doktorandprojekt på Lunds Tekniska Högskola. SBUF 

har tillsammans med BBT bidragit med finansiering till projektet.  

2. PROJEKTMETODIK  
Inom det första projektet (projekt nr 13136) togs en modell för simulering av temperatur i 

plattrambroar fram, som också validerades genom att jämföra simulerad temperatur med uppmätt 

temperatur i en plattrambro. Inom denna andra del av projektet har följande gjorts: 

- Framtagande av temperaturlastfall för plattrambroar i svenskt klimat. 

- Framtagande och validering av en FE-modell för simulering av uppsprickning i stödmurar 

utsatta för temperaturlast och krympning.  

- Undersökning av effekten av att kombinera det framtagna temperaturlastfallet med FE-

modellen för simulering av uppsprickning, och inledande undersökning av hur olika 

parametrar påverkar den resulterande sprickvidden. 

Projektet har fokuserat på att undersöka sprickvidder i bruksgränstillstånd, eftersom det inte anses 

relevant att ta hänsyn till lastfallet i brottgränstillstånd. Anledningen till detta är att 

tvångsspänningarna orsakas av förhindrade deformationer som är begränsade till sin storlek, och 

att konstruktionerna inte väntas kunna gå till brott även om hela den förhindrade rörelsen skulle 

utvecklas.  
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3. RESULTAT OCH SLUTSATSER 
 

De viktigaste resultaten och slutsatserna från projektet presenteras i punktlistor i detta avsnitt. Till 

denna rapport bifogas även den doktorsavhandling som forskningsprojektet har mynnat ut i (bilaga 

A). I avhandlingen presenteras resultaten mer utförligt. Inom projektet har det också skrivits en 

rapport om det föreslagna nya temperaturlastfallet och slutsatser kring hur tvångskrafter påverkas 

av den styvhetsminskning som sker vid uppsprickning (bilaga B). Rapporten är ämnad som ett 

hjälpmedel för praktiserande brokonstruktörer och har samråtts med Hans-Ola Öhrström och 

Fredrik Carlsson på Trafikverket. Det har också föreslagits att nästa version av Råd Brobyggande 

ska hänvisa till rapporten som ett rekommenderat sätt att hantera det aktuella 

temperaturlastfallet. Utöver dessa publikationer har två tidskriftsartiklar [2,3] och ett 

konferensbidrag [4] publicerats inom projektet.  

 

Slutsatser angående temperaturskillnaden mellan konstruktionsdelar i plattrambroar: 

- Ett temperaturlastfall har föreslagits för lastfallet, för plattrambroar i svenskt klimat. 

Temperaturlastfallet anger jämna temperaturer i konstruktionsdelarna, förutom i 

övergångszoner som återfinns i ramhörnen och i rambenens underkanter. Längs med 

övergångszonerna varierar temperaturen linjärt.  

- Två ”specialfall” har också tagits fram, för vilka temperaturskillnaden kan sänkas. Detta 

gäller broar med ballast på brobaneplattan och slutna plattrambroar. 

- Uppkomna temperaturskillnader varierar med klimatet, och verkar korrelera med 

temperaturvariationen mellan sommar och vinter, samt temperaturfluktuationer inom 

kortare tidsperioder. Generellt sett blir temperaturskillnaderna mellan 

konstruktionsdelarna större i norra delen av Sverige än i södra. 

Slutsatser angående sprickvidden då uppsprickning orsakas av tvångseffekter:  

- De sprickvidder som uppkommer är mindre än vad som fås om minskningen av 

tvångseffekter inte beaktas.  

- Uppsprickning på grund av det föreslagna lastfallet är osannolik i brobaneplattan. Sprickor 

kan uppkomma i rambenets ovankant, men de största sprickorna i beräkningarna uppkom i 

rambenets nederkant.  

- Armeringsmängden hade en mindre inverkan på sprickvidden i FE-simuleringarna än vad 

som beskrivs då sprickvidder beräknas enligt exempelvis avsnitt 7.3.4 i Eurokod 2-1-1 [5]. 

Att öka armeringsmängden är därmed inte ett lika effektivt sätt att minska tvångssprickor 

som andra sprickor.  

- Mer forskning krävs för att ta fram en metod för hur minskningen av tvångsspänningar 

orsakad av uppsprickning kan hanteras vid dimensionering. Ett möjligt tillvägagångssätt är 

att finna ett matematiskt uttryck som beskriver skillnaden i resultat mellan en modell som 

fångar styvhetsminskningen vid uppsprickningen, och en typisk modell som används vid 

dimensionering, som inte fångar den. Ett annat möjligt tillvägagångssätt är att hantera 

uppsprickning orsakat av tvång separat vid dimensionering, och ta fram en 

beräkningsmetodik baserad på exempelvis teoretiska samband för tvångseffekter.  
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Sammanfattning 

Temperaturändringar och krympning påverkar betongkonstruktioners volym, och i 
konstruktioner som hindras från av röra sig kan sådana volymändringar leda till så 
kallade tvångseffekter, som i sin tur kan orsaka sprickbildning. När detta sker kan 
emellertid konstruktionen deformeras till viss del, vilket gör att tvångsspänningarna och 
därmed också sprickvidderna minskar. Uppsprickningsförloppet är svårt att förutsäga, 
och därför blir också tvångskrafterna och sprickvidderna svåra att uppskatta på förhand. 
Detta gör det svårt att fastslå vilken armeringsmängd som krävs för att begränsa 
sprickvidderna till acceptabla värden, och i dagens dimensioneringsmetod finns det 
inget etablerat sätt för hur en minskning av tvångskrafter på grund av uppsprickning 
ska göras. Kombinerat med en otydlig formulering i lastfall för temperaturskillnader i 
broar kan detta göra att armeringen i broarna inte utnyttjas optimalt.  

I den här studien undersöktes temperaturskillnader mellan konstruktionsdelar i 
plattrambroar, för att ett mer detaljerat lastfall skulle kunna föreslås för den aktuella 
konstruktionstypen. Temperatursimuleringar gjordes med en finita-elementmodell av 
plattrambroar samt intilliggande jord och fyllnadsmaterial. Modellen validerades 
genom att temperaturen mättes och simulerades i ett givet brotvärsnitt under ett års 
tid. Därefter användes modellen för att ta fram nya lastvärden med klimatdata från 
olika platser i Sverige. Dessutom undersöktes sprickvidder orsakade av tvångseffekter 
med en finita-elementmodell med ett olinjärt materialsamband för dragen betong. 
Modellen kan beskriva den minskning av tvång som uppsprickningen ger upphov till, 
och har validerats med hjälp av försök som genomförts i tidigare forskning.  

Det temperaturlastfall som föreslås i denna studie beskriver temperaturfördelningen i 
plattrambroar på ett mer detaljerat sätt än vad som görs i det nuvarande lastfallet, och 
lastvärden föreslås för både kvasipermanent och karakteristisk lastkombination. De 
olinjära finita element-analyserna visade att uppsprickning på grund av de undersökta 
tvångseffekterna är osannolik i broarnas farbaneplattor, men att sprickor däremot kan 
uppstå både i rambenens ovankant och i nederkant. De största sprickvidderna 
påträffades vid rambenets nederkant, eftersom effekterna av temperaturlasten och 
krympningen sammanfaller i detta område.  

När resultaten från de olinjära analyserna jämfördes med resultat som togs fram utan 
hänsyn till den spänningsminskning som uppstår vid uppsprickning sågs stora 
skillnader i sprickvidd, där sprickvidderna i de olinjära analyserna blev betydligt 
mindre. Samtidigt var minimiarmeringsmängden otillräcklig för att begränsa 
sprickvidderna även i de olinjära beräkningarna. Då resultaten också visade att 
armeringsmängden har en liten påverkan på sprickvidderna i tvångssituationer, kan det 
vara mer effektivt att minska den ursprungliga tvångsgraden genom att t.ex. ändra brons 
geometri, än att lägga in extra armering.  

Nyckelord: Tvång, betong, uppsprickning, temperaturlast, plattrambro, FE-analys  
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Abstract 

Thermal actions and shrinkage cause volume changes in concrete structures. In 
structures which are restrained from movements, the restraint effects can cause 
cracking. However, when cracking occurs, the structure can deform to some extent, 
which reduces the restraint stresses and thus also the crack widths. As the exact crack 
development is hard to predict beforehand, the actual restraint and thus also the crack 
widths are hard to estimate. This makes it difficult to determine the reinforcement 
required for limiting crack widths to acceptable values. The common design approach 
does not include the reduction of restraint due to cracking. Combined with an unclear 
formulation of the thermal load case for temperature differences between structural 
parts in bridges, the overestimation of restraint effects that this results in can lead to 
inefficient use of reinforcement.  

In this study, temperature differences between structural parts of portal frame bridges 
were investigated, in order to suggest a more detailed load case to be used in design of 
this bridge type. Temperature simulations of portal frame bridge cross sections and 
surrounding soil were carried out using a finite element model. The model was 
validated by measuring and simulating temperature in a bridge during a one-year 
period. Thereafter, it was used to determine new load values, using climate data from 
different locations in Sweden. Also, crack widths due to thermal actions and shrinkage 
were investigated using a finite element model with a non-linear material behavior of 
concrete. In these analyses, the reduction of stiffness due to cracking was included. The 
model used was validated using test results from previous research.  

The thermal load case suggested in this study describes the temperature distribution in 
portal frame bridges in a more detailed way than the current load case. It also presents 
values both for quasi-permanent and characteristic load cases. In the non-linear 
analyses, cracking due to the investigated restraint effects was shown to be unlikely in 
bridge decks of portal frame bridges, but cracks might form both in the top and in the 
bottom of abutments. The largest cracks were found in the bottom of the abutments, 
where the effects of the spatial temperature difference and shrinkage were coinciding.  

When comparing the non-linear finite element analysis results with results obtained 
without including the stress reduction due to cracking, significantly smaller 
reinforcement amounts were needed for crack width limitation in the non-linear 
analyses. However, the minimum reinforcement amount was insufficient in order to 
limit crack widths also in the non-linear analyses. As it was also found that the 
reinforcement amount had a small impact on the crack widths in restraint situations, 
limiting the initial degree of restraint by e.g. changing the bridge geometry could be a 
more effective way to reduce the crack widths than to add extra reinforcement. 

Key words: Restraint, concrete, cracking, thermal action, portal frame bridge, FE-
analysis  
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Notations 

Notations used in chapter two:  
 

Notation  Unit 
Act Concrete cross sectional area in tension [m2] 
As,min Minimum reinforcement area  [m2] 
Es Reinforcement Young’s modulus [GPa] 
fct,eff Mean concrete effective tensile strength [MPa] 
k Factor considering non-uniform self-equilibrating stresses  
k1 Factor considering bond conditions  
k2 Factor considering strain distribution over cross-sectional 

height 
 

k4 Factor with constant value of 0.425  
kc Factor considering strain distribution over cross-sectional 

height 
 

kt Factor considering load duration  
sr,max Maximum crack spacing at stabilized cracking [mm] 
wk Characteristic crack width [mm] 
αe Ratio between reinforcement and concrete Young’s 

moduli 
 

εcm Mean concrete strain  
εsm Mean reinforcement strain  
ρp,eff Reinforcement ratio in cross section  
σs Reinforcement stress [MPa] 
φ Reinforcement diameter [mm] 
 
Notations used in chapter three:  
 

Notation  Unit 
a Absorptivity  
AF Concrete cross sectional area of foundation [m2] 
AF,max Max concrete cross sectional area of foundation to be 

considered 
[m2] 

Aw Concrete cross sectional area of wall [m2] 
E Young’s modulus [GPa] 
EF Young’s modulus of foundation [GPa] 
Ew Young’s modulus of wall [GPa] 
G Global radiation [W/m2] 
hc Convection coefficient [W/(m2K)] 
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k Thermal conductivity [W/(m·K)] 
L Distance [m] 
R Degree of restraint  
Tair Air temperature [°C] 
Topposite Temperature of opposite surface [°C] 
Ts Surface temperature [°C] 
Tsky Sky temperature [°C] 
q Heat flux [W/m2] 
qc Heat flux due to convection [W/m2] 
qr Heat flux due to long wave radiation [W/m2] 
qs Heat flux due to solar radiation [W/m2] 
qsky Incoming long wave radiation from the sky [W/m2] 
v Wind speed [m/s] 
α Coefficient of thermal expansion  
ΔT Temperature change/difference [°C] 
ε Emissivity  
εR Restraint strain  
εtot Total strain, restrained + unrestrained  
σ The Stefan-Boltzmann constant [W/(m2K4)] 
σR Restraint stress [MPa] 
 
Notations used in chapter four:  
 

Notation  Unit 
A Area [m2] 
Ac Concrete area  [m2] 
Aeff Effective concrete area [m2] 
AI,eff Stage I effective concrete cross sectional area [m2] 
As Reinforcement area [m2] 
E Young’s modulus [GPa] 
Ec Concrete Young’s modulus [GPa] 
Ec,eff Young’s modulus with consideration to creep [GPa] 
EI Stage I Young’s modulus [GPa] 
EII Stage II Young’s modulus [GPa] 
Es Reinforcement Young’s modulus [GPa] 
F Force [kN] 
fcm Mean concrete compressive strength [MPa] 
fct Concrete tensile strength [MPa] 
FI Stage I force [kN] 
FII Stage II force [kN] 
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FR Restraint force [kN] 
H Height [m] 
k Spring stiffness  
L Length [m] 
lt Transmission length [mm] 
R Degree of restraint  
s Slip [mm] 
wm Mean crack width [mm] 
wk Characteristic crack width [mm] 
α Coefficient of thermal expansion  
ΔL Elongation [m] 
ΔLR Restrained elongation [m] 
ΔT Temperature change [°C] 
ε Strain  
εcm Mean concrete strain  
εfree Strain if element were unrestrained  
εR Restraint strain  
εsm Mean reinforcement strain  
σc Concrete stress [MPa] 
σs Reinforcement stress [MPa] 
τb Bond stress [Pa] 
φ Reinforcement diameter  
𝜙𝜙 Creep coefficient  
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1 Introduction  

1.1 Background 

Temperature variations and shrinkage affect the volume and shape of reinforced 
concrete structures. Both concrete and reinforcement changes volume due to 
temperature variations, while shrinkage affects the concrete volume only. If the changes 
of shape and volume induced by temperature and shrinkage are prevented, either by 
the surroundings or by the structure itself, restraint stresses appear in the structure. 
Restraint stresses can cause cracking in reinforced concrete, which in turn may decrease 
the structural durability. It is therefore important to consider thermal actions and 
shrinkage in design of reinforced concrete structures. 

In the present Eurocode, several thermal load cases are given, which shall be considered 
in design of bridges. One of these load cases prescribes a difference in temperature of 
15°C between “main structural elements”. The load case is in Sweden considered in 
design of e.g. portal frame bridges, and the temperature difference prescribed in the 
load case is applied between the bridge deck and the abutments, as well as between 
abutments and foundations. 

If a 2D frame model of the bridge is used in design, as was previously the case, the load 
case does not cause any significant effects on the structure. However, since 2011 the 
Swedish Transportation Administration states that 3D models describe the 
functionality of bridges properly, while 2D models only do the same in cases where two 
dimensions are sufficient to describe e.g. the geometry and loading (Trafikverket, 
2011b). This lead to 3D models being used in design of most bridge types in Sweden. 
In the 3D models, the effect of the load case in the transverse direction is also 
considered. In this situation, the prescribed thermal load case can indicate large tensile 
stresses in the transverse direction of portal frame bridges particularly, since linear 
elastic material properties are generally used. Shrinkage can also contribute to the tensile 
stresses in the transverse direction if casting is made in different stages, allowing for the 
parts cast first to shrink before the casting of the other parts. However, the stress levels 
in the design model depend on the interpretation and implementation of the thermal 
load case, which can vary between different bridge designers. 

The larger stress values obtained when using 3D models instead of 2D models resulted, 
in many cases, in a drastic increase in reinforcement amount in the bridges. However, 
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as existing bridges had not been reported to suffer from cracking due to these load 
effects to any great extent, the results were suspected of being inaccurate. Comparisons 
of bridges built in Sweden have also showed that the reinforcement amounts used in 
bridge construction have increased substantially during the time period from 
approximately 1970 to 2000 (Bygginovationen, 2010). As the older bridges are 
generally considered to have a sufficient durability, the increase in reinforcement could 
be partly unnecessary from a durability point of view. 

In order not to prescribe unnecessary reinforcement when considering restraint effects, 
bridge designers have come up with different approaches to obtain a result that renders 
similar reinforcement amounts as when 2D models were used, while still abiding by 
the new design rules. This can be achieved by e.g. reducing the Young’s modulus of the 
concrete in the design model, assuming that the temperature varies linearly over the 
entire height of the abutment, or assuming that all concrete is unstressed due to 
cracking, and restraint effects thus only develop in the reinforcement. However, there 
is a lack of consensus regarding the reasonableness of the various interpretations of the 
thermal load case, and the methodology in treating the restraint effects when calculating 
crack widths. This is considered problematic in the field of bridge engineering in 
Sweden. One problematic scenario is e.g. if the reviewer of a set of calculations has a 
differing opinion than the designer regarding how to handle the issue, while none of 
them have any scientific data to motivate their standpoint. 

1.2 Objectives 

The objective of this research project is to investigate cracking due to restraint effects 
caused by thermal actions and shrinkage. This includes the following: 

- To investigate the spatial temperature variations within portal frame bridges, 
and the possible differences in temperature between structural parts. 

- To propose a new way to consider the load case with temperature differences 
between structural parts of portal frame bridges in design situations.  

- To investigate crack widths when cracking is caused by restraint effects, 
considering the reduction of restraint stresses due to cracking. 

- To investigate the possibilities for a new way to consider the reduction of 
restraint stresses due to cracking in design situations, without having to 
perform non-linear analyses. 
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1.3 Scientific approach and methodology 

The scientific approach used in this study included literature reviews, field 
measurements, analytical calculations and numerical analyses. Finite element (FE) 
simulations using a model first presented in Larsson (2009) were performed in order to 
investigate the spatial temperature differences in the bridges. Weather data obtained 
from SMHI, the Swedish Meteorological and Hydrological Institute, was used in the 
simulations, and parametric studies using the fractional factorial method were 
performed in order to investigate the influence of various parameters on the result. 

The model for temperature simulation was validated for use on portal frame bridge 
cross sections, as the model had not been used in this type of structure previously. The 
validation was performed by measuring the temperature in 12 points in a portal frame 
bridge cross section during a one-year period, and comparing the results with simulated 
temperature. The air temperature data used in the simulation was measured on site, 
while radiation was measured about 5 km away from the bridge and wind speed was 
taken from a weather station operated by SMHI about 15 km away from the bridge.  

The simulation performed in the validation also showed that the temperature difference 
between abutment and foundation could be larger than the difference between bridge 
deck and abutment. This temperature difference had previously not been considered 
within the study, but was thereafter also investigated. After having verified the model, 
long-term simulations were made using all eight available data series from SMHI with 
at least 10 years of data. The number of series is limited by the long-wave radiation, 
which is measured at only a few locations in the country. Thereafter, the general 
extreme value distribution was used to analyze the data and suggest characteristic and 
quasi-permanent load values for the temperature differences. 

Crack widths resulting from restraint effects were initially investigated analytically for 
simple geometrical cases. As these methods were difficult to apply to more complicated 
geometries, such as base restrained walls, an FE-analysis model using a non-linear 
material model for concrete and a bond-slip interaction for concrete to reinforcement 
interaction was developed. The model was verified using test results presented in 
previous research, and was thereafter applied to portal frame bridges. The verification 
of the model by analyzing base restrained walls was chosen as, to the author’s 
knowledge, no investigation of cracking due stresses in the transverse direction of portal 
frame bridges which could be used to verify the model have been performed. However, 
portal frame bridges are similar to base restrained walls when the transverse direction is 
considered. After verifying the model, the suggested thermal load case was applied, and 
the resulting cracking was investigated for different use of reinforcement and bridge 
geometries. 
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1.4 Limitations 

The study investigated thermal actions for Swedish climate, i.e. using weather data from 
Sweden only. The results can be applied to other areas with similar climate, but the 
load values could be improper if used in a region with differing climate. Only thermal 
stresses due to differences in temperature between structural parts have been 
investigated, and the load values were determined using series of climate data from eight 
different locations within the country. Only one-span portal frame bridges with roads 
underneath (i.e. no running water) were investigated. 

Crack widths were mainly investigated in the quasi-permanent load combination, and 
to some extent also in characteristic load combination. The focus is on the quasi-
permanent load combination as this load combination is used for crack width limitation 
in design situations. Only self-weight, vertical earth pressure, thermal actions and 
shrinkage have been included in the analyses, as these were the only loads considered 
necessary to include in order to describe the stresses in transverse direction of the 
bridges. Also, the wing walls have been omitted from the analyses. Furthermore, only 
a limited number of analyses were performed, especially with regards to geometrical 
variations. 

1.5 New findings 

The main findings of the performed study presented in this dissertation are: 

- When simulating temperature in portal frame bridges, the parameters having 
the largest influence on temperature differences between bridge deck and 
abutment are the thickness of the structural parts and the asphalt heat 
conductivity and absorptivity. (paper II) 

- The model for temperature simulation in portal frame bridges presented in this 
dissertation can be used to re-create temperatures in bridges. When 
investigating temperature differences between structural parts, the accuracy of 
the model is high, while the precision is somewhat lower. For this reason, a 
1.5°C error margin can be added if the temperature at a specific time is of 
interest, while no error margin is needed if the average over long time is of 
interest. (paper III) 

- A characteristic load value of 15°C was found for temperature differences 
between bridge deck and abutment, while 27°C was found for characteristic 
temperature differences between abutment and foundation. For the difference 
between bridge deck and abutment, the highest values were based on climate 
data from Lund, which is situated in the south of Sweden. This was due to the 
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larger influx of solar radiation in the south of the country. The difference 
between abutment and foundation was however based on results using climate 
data from Kiruna, in the north of Sweden. This temperature difference was 
found to be governed by the seasonal temperature variations to a larger extent. 
Reasonable corresponding quasi-permanent load values were found to be 4°C 
and 7°C, respectively. (paper IV) 

- The non-linear FE-model developed in the study was found to re-create 
cracking in base restrained reinforced concrete walls with an acceptable margin 
of error, and tended to overestimate cracking and crack widths, which is 
preferable. (paper V) 

- Cracking in the bridge deck due to the investigated restraint effects is found to 
be unlikely. In the top of the abutment, the crack widths can be expected to 
be small, unless the cross-sectional height of the abutment is smaller than that 
of the bridge deck. The largest cracks are however likely to form in the lower 
part of the abutment. (chapter 4) 

- When using the new thermal load case and a difference in shrinkage between 
structural parts in non-linear FE-analyses of a specific bridge geometry, the 
reinforcement amount required for crack width limitation was found to be 
57% less than when using linear elastic material model and a conservative 
interpretation of the Eurocode load case. (paper VI) However, the relation 
between crack width and the magnitude of the applied thermal action and 
shrinkage is more complicated than in non-restraint cases, as the restraint 
effects are reduced by cracking. Also, the reinforcement amount seems to have 
a smaller influence on the crack width in restraint cases. (chapter 4) 

1.6 Outline of dissertation 

This dissertation is divided into seven chapters which are presented below. After these 
chapters, the academic research papers which this dissertation is based upon are 
appended. These papers constitute of four journal papers and two conference papers. 

• Chapter two gives an introduction to portal frame bridges, and design of portal 
frame bridges, with the focus on the reinforcement amount required for crack 
width limitation. 

• Chapter three describes the concept of restraint, and how thermal actions and 
shrinkage can cause restraint effects in reinforced concrete structures. The 
occurrence of thermal actions in bridges is described, and the conclusions from 
the study of temperature differences between structural parts in portal frame 
bridges within this research project are also presented. 
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• Chapter four describes cracking in reinforced concrete, focusing on restraint 
situations. Methods to calculate cracking analytically in end-restrained 
specimens are presented, and the FE-model used to investigate cracking in base 
restrained walls is introduced. Results from using this model for analysis of 
cracking in portal frame bridges are also shown, and compared with results 
obtained with the conventional method of today, which do not include the 
stress reduction due to cracking. 

• Chapter five summarizes the papers appended to this dissertation. 

• Chapter six presents the main conclusions from the PhD-project, and also 
suggests ideas for further research. 

• Chapter seven contains the reference list. 
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2 Portal frame bridges 

The portal frame bridge is the most common bridge type in Sweden. The Swedish 
transport administration, has as of 2019-05-06 over 7500 portal frame bridges listed in 
their database of Swedish bridges and tunnels, BaTMan (Trafikverket, 2018), of a total 
of 20800 bridges. Of the portal frame bridges in the database, half were constructed 
before 1973, and the decade during which most were constructed is the 1950s. 

Portal frame bridges are built in reinforced concrete, and consist of a bridge deck carried 
by two abutments which in turn are placed on foundations. Wing walls are usually 
placed on the side of the abutments, in order to keep the soil on place. Fig. 2.1 shows 
an example of a portal frame bridge, and Fig. 2.2 shows a sketch of the bridge, with the 
structural parts marked out. The figure also shows a definition of directions used in this 
dissertation. An illustration of a portal frame bridge cross section is shown in Fig. 2.3. 
The bridge deck consists of a reinforced concrete slab, which carries the loads on the 
deck without requiring any beams underneath. The deck is rigidly connected to the 
abutments, which in turn are rigidly connected to their respective foundations. 

 

Fig. 2.1. A portal frame bridge. 
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Fig. 2.2. Sketch of a portal frame bridge. 

 

 

 

 

 

 

 
Fig. 2.3. Example of a portal frame bridge cross section. 

The span lengths of portal frame bridges can be up to 35 m, but spans over 22–25 m 
require the use of prestressed reinforcement. Some variations in geometry are possible, 
e.g. bridges with small spans and bridges placed on soil with poor load carrying capacity 
can have a single large foundation, instead of separate foundations for the two 
abutments. Also, if the bridge is long, extra supports can be placed in e.g. mid-span 
(Vägverket, 1993). Expansion joints are not used in the structural type. 
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Portal frame bridges are cast in place, and the rigid connections between the structural 
parts are achieved by connecting the parts with reinforcement. The bridges are usually 
cast in two stages, the foundation in a first stage, and then the abutments and bridge 
deck in a second stage. The abutments are thus cast directly on the foundations, and 
the abutments and bridge deck are cast as one entity, with generally only a 1–2 hour 
pause in the casting process after between casting the abutment and bridge deck. This 
pause in casting was previously explicitly required by the Swedish transport 
administration (Vägverket, 1994). 

2.1 Design of portal frame bridges 

Swedish bridges are designed after the regulations in Eurocode. Eurocode describes the 
design methodology and definition of load combinations (Eurocode 0, CEN (2002)), 
as well the description of specific loads (Eurocode 1, e.g. CEN (2003)), load effects and 
the capacity of structural members (Eurocode 2, e.g. CEN (2005a) and CEN (2005b)). 
In addition, the Swedish Transport Administration publishes national choices 
regarding bridge structures (e.g. Trafikverket (2011a)), as well as national documents 
on design calculations and practical execution (Trafikverket, 2016a), (Trafikverket, 
2016b). 

In Sweden, bridges are generally designed using 3D finite element (FE) analyses. The 
use of 3D models is required by the Swedish Transport Administration (Trafikverket, 
2011b, Trafikverket, 2016b), but previous to this demand, portal frame bridges were 
generally designed using 2D frame models. The reinforcement placed in the transversal 
direction was in such cases not calculated considering the load effects on the bridge. 
Instead, minimum reinforcement (see section 2.1.2) was placed in the transverse 
direction. Along edges between structural parts where differences in shrinkage could be 
expected, a standardized amount of extra reinforcement, (5φ16 on each side of the cross 
section) was placed, which is still prescribed today (Trafikverket, 2016b). 

In the 3D analyses used in design of portal frame bridges in Sweden today, the concrete 
is given a linear elastic material behavior. This means that cracking cannot occur in the 
analyses, and the reinforcement can therefore be omitted from the models. Instead, the 
required reinforcement amounts are calculated from the tensile forces and bending 
moments obtained in the analyses. Analyses with non-linear material models for 
concrete are generally not used in design, as the final structure, including the 
reinforcement, must be assumed beforehand in such analyses. Also, load effects cannot 
be superimposed, and the calculation procedure is more complicated, meaning that 
convergence issues often arise. Furthermore, many material parameters, which are often 
unknown, must be specified. 
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Several different types of loads are to be considered in bridge design, e.g. self-weight, 
traffic loads, earth pressure, shrinkage and thermal actions. Different limit states are 
used in design. In order to verify that the bridge has a sufficient load carrying capacity, 
the loads are combined in ultimate limit state and compared with the calculated design 
load carrying capacity of the structure. There is also a serviceability limit state, which is 
used to verify demands regarding e.g. deformations and cracking. This study focuses 
on the demands regarding cracking in serviceability limit state. As restraint stresses are 
reduced by cracking (see chapter 4), which normally is extensive in the ultimate limit 
state, restraint effects are often omitted un ultimate limit state. 

The demands regarding cracking in concrete structures are verified by calculating the 
crack widths caused by a quasi-permanent load combination, in which the included 
load magnitudes shall generally correspond to the mean or average value over time. The 
load values in Eurocode 1 are generally given as characteristic load values, i.e. load 
values which have a return period of 50 years. In order to obtain quasi-permanent load 
values, the characteristic load values are multiplied with ψ2-factors. For permanent 
loads such as self-weight and shrinkage, the factor equals 1, but for variable loads, the 
factor value is smaller. The ψ2-factor for thermal actions is e.g. 0.5, and the factor equals 
zero for traffic loads (CEN, 2002).  

2.1.1 Crack width limitation 

Eurocode states demands on maximum allowable crack widths in order to assure 
durability, and for aesthetic reasons. In Sweden, national choices have been made which 
limit characteristic crack widths in bridges with design working life of 100 years to 
0.2 mm, or 0.15 mm for surfaces exposed to chlorides, such as de-icing salts. The crack 
widths are calculated from the reinforcement stress using Eqs. (2.1–2.3), which are 
presented in section 7.3.4 in Eurocode 2 (CEN, 2005a). The factors in the equations 
are defined in Table 2.1. Eq. (2.2) is adapted after the Swedish national choice for the 
equation (Trafikverket, 2011a). 

𝑤𝑤𝑘𝑘 = 𝑠𝑠𝑟𝑟,𝑚𝑚𝑚𝑚𝑚𝑚(𝜀𝜀𝑠𝑠𝑚𝑚 − 𝜀𝜀𝑐𝑐𝑚𝑚) (2.1) 

𝑠𝑠𝑟𝑟,𝑚𝑚𝑚𝑚𝑚𝑚 = 7𝜑𝜑 + 𝑘𝑘1𝑘𝑘2𝑘𝑘4𝜑𝜑/𝜌𝜌𝑝𝑝,𝑒𝑒𝑒𝑒𝑒𝑒 (2.2) 

(𝜀𝜀𝑠𝑠𝑚𝑚 − 𝜀𝜀𝑐𝑐𝑚𝑚) =
𝜎𝜎𝑠𝑠−𝑘𝑘𝑡𝑡

𝑓𝑓𝑐𝑐𝑡𝑡,𝑒𝑒𝑓𝑓𝑓𝑓
𝜌𝜌𝑝𝑝,𝑒𝑒𝑓𝑓𝑓𝑓

�1+𝛼𝛼𝑒𝑒𝜌𝜌𝑝𝑝,𝑒𝑒𝑓𝑓𝑓𝑓�

𝐸𝐸𝑠𝑠
≥ 0.6 𝜎𝜎𝑠𝑠

𝐸𝐸𝑠𝑠
 (2.3) 
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Table 2.1. Definitions of factors used in Eqs. (2.1–2.3).  

Factor Description Value 
wk Characteristic crack width  
sr,max Maximum crack spacing at stabilized 

cracking 
 

εsm Mean reinforcement strain along the 
distance sr,max 

 

εcm Mean concrete strain along the distance 
sr,max 

 

φ Reinforcement diameter  
k1  Factor considering bond conditions 0.8 for bars with ribs 
k2 Factor considering strain distribution over 

cross sectional height 
0.5 if pure bending and 1.0 if pure tension 

k4 Factor with constant value 0.425 
ρp,eff Reinforcement ratio in cross-section Reinforcement cross-sectional area divided by 

effective concrete cross-sectional area 
σs Reinforcement stress in cracked section  
kt Factor considering load duration 0.6 for short term loading and 0.4 for long term 

loading 
fct,eff  Mean concrete tensile strength at time of 

cracking 
Depends on concrete quality 

αe Ratio between reinforcement and concrete 
Young’s moduli 

Depends on concrete quality and load duration 
(i.e. creep) 

Es Reinforcement Young’s modulus 200 GPa 

 

As reinforcement is not included in the general FE-analyses used in design, Eqs. (2.1–
2.3) can instead be used to find the maximum allowable reinforcement stress in cracked 
sections given the demand on crack widths. The maximum allowed reinforcement 
stress in combination with the tensile forces and bending moments obtained from the 
FE-analyses can thereafter be used to determine the required reinforcement cross-
sectional area in a given cross section of the bridge. 

2.1.2 Minimum reinforcement 

In structural parts where tensile stresses might appear, the reinforcement amount must 
not be smaller than the minimum reinforcement, described in section 7.3.2 of 
Eurocode 2 (CEN, 2005a). The introduction of the minimum reinforcement area 
guarantees that the reinforcement stress after cracking is lower than the yield stress. 
This means that more cracks will form before failure is reached, i.e. the total crack 
width will be distributed over several cracks, which is important in order to assure 
ductility. The expression for the minimum reinforcement amount, denoted As,min, is 
given in Eq. (2.4), and the factors are defined in Table 2.2. Additional demands for 
minimum reinforcement in Swedish bridges are found in Trafikverket (2016a) and 
Trafikverket (2016b). 

𝐴𝐴𝑠𝑠,𝑚𝑚𝑚𝑚𝑚𝑚 = 𝑘𝑘𝑐𝑐𝑘𝑘𝑓𝑓𝑐𝑐𝑐𝑐,𝑒𝑒𝑒𝑒𝑒𝑒𝐴𝐴𝑐𝑐𝑐𝑐/𝜎𝜎𝑠𝑠 (2.4) 
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Table 2.2. Definitions of factors used in Eq. (2.4).  

Factor Description Value 
As,min Minimum reinforcement amount  
kc Factor considering strain distribution over 

cross sectional height 
1.0 if pure tension 

k Factor considering non-uniform self-
equilibrating stresses 

For portal frame bridges, the value depends on 
the cross-sectional height of the structural parts 

fct,eff Mean concrete tensile strength at time of 
cracking 

Depends on concrete quality 

Act Concrete cross sectional area in tension  
σs Maximum permitted tensile stress in 

reinforcement after crack formation 
Usually the characteristic yield stress 
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3 Restraint stresses in portal frame 
bridges 

3.1 The concept of restraint 

Restraint stresses are stresses which appear when a structural element is prevented from 
obtaining its desired shape and volume. As shrinkage and thermal actions, described 
more in detail in sections 3.2 and 3.3, causes a desire to change the shape and volume, 
these actions will cause restraint stresses if the desired movements are prevented. 

Two simple cases of restrained structures are end-restrained bars and base restrained (or 
edge restrained) walls, as illustrated in Fig. 3.1. If these structures are subjected to e.g. 
a decrease in temperature, this will cause a desire to contract in the horizontal direction, 
which will be fully or partly prevented by the restraining conditions. This will in turn 
cause restraint stresses to appear in the structures, which can be calculated using 
Hooke’s law, see Eq. (3.1). In the equation, σR is the restraint stress, εR is the restrained 
strain and E is Young’s modulus (Engström, 2014), (Jokela, 1984). 

𝜎𝜎𝑅𝑅 = 𝜀𝜀𝑅𝑅𝐸𝐸 (3.1) 

 

 

 

(a)   (b) 

Fig. 3.1. Illustration of an end restrained bar (a) and an edge restrained wall (b). 

In the end-restrained structure, the magnitude of the restraint stress in horizontal 
direction will be uniform in the structure. However, the horizontal restraint stresses 
will vary within the edge-restrained wall, due to e.g. a smaller part of the desired strain 
being prevented in the top of the wall than in the bottom. In order to describe how 
large part of the desired strain that is restrained, the degree of restraint, R, is used, which 
is defined in Eq. (3.2). In this context, the desired strain, εtot, is the strain that would 
occur if no restraint was present, and the structure could contract freely. The restrained 
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strain, εR, is on the other hand the strain which is prevented from forming (Engström, 
2007). 

𝑅𝑅 = 𝑟𝑟𝑒𝑒𝑠𝑠𝑐𝑐𝑟𝑟𝑚𝑚𝑚𝑚𝑚𝑚𝑒𝑒𝑟𝑟 𝑠𝑠𝑐𝑐𝑟𝑟𝑚𝑚𝑚𝑚𝑚𝑚
𝑟𝑟𝑒𝑒𝑠𝑠𝑚𝑚𝑟𝑟𝑒𝑒𝑟𝑟 𝑠𝑠𝑐𝑐𝑟𝑟𝑚𝑚𝑚𝑚𝑚𝑚

=  𝜀𝜀𝑅𝑅
𝜀𝜀𝑡𝑡𝑡𝑡𝑡𝑡

  (3.2) 

For an end-restrained bar as in Fig. 3.1 (a), the degree of restraint will thus equal 1 in 
the entire bar if the edges are completely rigidly connected. However, in the base-
restrained wall in Fig. 3.1 (b), the degree of restraint will vary, which is illustrated in 
Fig. 3.2, as the wall is only restrained along one edge. The variation of the degree of 
restraint in the wall is dependent on the geometry of the wall. If e.g. the length of the 
wall increases in relation to the height, the influence of the restraining edge will 
increase, and the degree of restraint will thus generally also increase. 

The maximum degree of restraint depends on the stiffness ratio of the connected 
structural parts, and is in most practical cases smaller than 1. The maximum degree of 
restraint, forming along the bottom edge of a base restrained wall, can be estimated 
using Eq. (3.3), presented in ACI Committee 207 (1990). Aw and AF are the cross 
sectional area of the wall and the foundation respectively, and Ew and EF are the 
corresponding Young’s moduli. In practice, the area of the restraining body is limited 
to AF,max = 2.5Aw, as only the closest part of a large foundation is effectively reducing 
the contraction of a wall (ACI Committee 207, 1990). 

𝑅𝑅 = 1

1+𝐴𝐴𝑤𝑤𝐸𝐸𝑤𝑤𝐴𝐴𝐹𝐹𝐸𝐸𝐹𝐹

 (3.3) 

 

 

 

 

 

 

 

 
Fig. 3.2. Example of degree of restraint, R, in the horizontal direction of a base restrained wall with length / height = 2 
and R=1 along the bottom edge. 

In portal frame bridges, the bridge deck and abutments are rigidly connected, as well 
as the foundations and the abutments. For a portal frame bridge as illustrated in 
Fig. 2.2, the degree of restraint will be vastly different in the different directions. This 
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−ΔT 

ΔT 
ΔT 

was shown in paper VI, where the degree of restraint in a given bridge was found to be 
0.01 in the longitudinal direction (see Fig. 2.2) in the bridge deck, and 0.5 in the 
transversal direction (see Fig. 2.2) along the edge between bridge deck and abutments. 
There is also a significant restraining effect along the edge between the abutments and 
foundations. This effect was not investigated in that study, but it can be estimated for 
a given geometry e.g. by using Eq. (3.3) or by performing FE-analyses. 

The larger degree of restraint in the transversal direction corresponds to the base 
restrained case, as the restraint is caused along one edge of the rectangular structural 
parts. Restraint stresses can appear in the transversal direction of the structure due to 
thermal actions and shrinkage, which are described in section 3.2 and 3.3, respectively. 
Fig. 3.3 shows an example of restraint in the transversal direction of a portal frame 
bridge. In the figure, the bridge deck is subjected to a uniform decrease in temperature, 
−ΔT, while the temperature in the abutments is unchanged and the foundations are 
subjected to a uniform increase in temperature, ΔT. The figure illustrates the degree of 
restraint, i.e. to how large extent the desired movements due to the temperature changes 
are prevented. In this case, the restraint will cause tensile stresses in the bottom of the 
abutments and in the bridge deck. If instead the bridge deck was warm and the 
foundations were cold, tensile stresses would appear in the top of the abutments and in 
the foundations. 

 

 

 

 

 

 

 

 

 

 

 

 

 
Fig. 3.3. Degree of restraint in portal frame bridge, when subjected to a uniform temperature increase ΔT in the 
foundations and a uniform temperature decrease −ΔT in the bridge deck.  
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3.2 Thermal actions in portal frame bridges 

When the temperature of concrete and reinforcement changes, the volume of the 
materials is affected. These desired volume changes can lead to restraint stresses, if the 
volume changes are prevented by e.g. surrounding structures or structural parts. The 
change in volume is described by the coefficient of thermal expansion, α, which 
multiplied with the change in temperature, ΔT, gives the strain caused by ΔT. For 
concrete, the value of the coefficient of thermal expansion depends on the cement to 
aggregate ratio, the type of aggregate and the degree of water saturation. The coefficient 
is in the range of 5.4·10−6 °C−1 to 14.2·10−6 °C−1, where the lower value represents a 
water saturated concrete with low cement ratio (200 kg/m3) and limestone-based 
aggregate, whereas the higher value represents an air dried concrete with a high cement 
ratio (600 kg/m3) and a quartz-based aggregate (Ljungkrantz et al., 1994). fib Model 
Code 2010 (fib, 2013) presents a slightly different range, stating that the concrete 
coefficient of thermal expansion is between 6·10−6 °C−1 and 15·10−6 °C−1. The same 
source also states that 10·10−6 °C−1 should be used in design, which is also stated in 
Eurocode 1 (CEN, 2003). The reinforcement coefficient of thermal expansion can also 
be assumed to be 10·10−6 °C−1 (fib, 2013), (Ljungkrantz et al., 1994), (CEN, 2003). It 
is thereby generally assumed that the two materials desire the same volume change when 
subjected to thermal actions. In papers I, II and III, a coefficient of thermal expansion 
equaling 10·10−6 °C−1 was used for both materials. 

3.2.1 Heat transfer 

Heat transfer is what causes changes in temperature over time, and it occurs whenever 
there are temperature differences within of between objects. It can occur in three 
different forms: conduction, convection and radiation, and the total heat flux is 
determined by the combined effect of these forms of heat transfer. 

Conduction describes heat being transferred directly between two molecules in contact 
with each other, and it thereby occurs within a medium or between two media which 
are adjacent to each other. For two parallel surfaces with different temperature and with 
a homogenous material in between, the heat flux q in [W/m2] through the homogenous 
material can be expressed as in Eq. (3.4), where ΔT is the temperature difference and L 
is the distance between the surfaces. k is the thermal conductivity of the material, often 
given in [W/(m·K)] (Incropera et al., 2007). 

𝑞𝑞 = 𝑘𝑘 ∆𝑇𝑇
𝐿𝐿

 (3.4) 

The thermal conductivity of concrete is often in the range of 1.6–2.5 W/(m·K), and 
depends on the density and moisture content, as well as the thermal conductivity of the 

SBUF rapport 13615  Bilaga A



17 
 

cement and aggregate (Ljungkrantz et al., 1994). For asphalt, the aggregate type used 
as well as the proportion of bitumen, which has a lower thermal conductivity than the 
aggregate, are governing factors. The conductivity of asphalt is generally in the range 
of 0.7–2.5 W/(m·K) (Larsson, 2012). For soil, the thermal conductivity can vary from 
about 0.4 W/(m·K) in a dry friction soil to about 1.1 W/(m·K) in a water saturated 
clay with low porosity (Sundberg, 1991). In papers II, III and IV, the thermal 
conductivity of the materials was assigned values within the respective ranges. In 
paper II, a parametric study was performed, in which the effect of varying the thermal 
conductivity of the materials within the respective ranges was investigated. 

Convection can occur if there is a temperature difference between a gas or a liquid and 
an adjacent surface. A common example is convection between air and ground. In this 
case, if the ground is warmer than the air, the air adjacent to the ground will heat up 
due to conduction. This in turn affects the density of the air, which makes the warmer 
molecules rise and be replaced by colder molecules. This mixing of the medium thus 
increases the temperature difference over the surface, which in turn increases the 
conduction (Kreith, 1973). However, convection along surfaces facing air is often 
greatly affected by the wind speed, as the wind significantly increases the mixing of the 
molecules in the air. The heat flux due to convection over a surface facing air is 
dependent on the convection coefficient, hc, the surface temperature, Ts and the air 
temperature, Tair, as shown in Eq. (3.5). 

𝑞𝑞𝑐𝑐 = ℎ𝑐𝑐(𝑇𝑇𝑠𝑠 − 𝑇𝑇𝑚𝑚𝑚𝑚𝑟𝑟) (3.5) 

The convection coefficient, hc, in [W/(m2K)] can be calculated from the wind speed v 
according to expressions given by Nevander and Elmarsson (2006), shown in 
Eqs. (3.6–3.7), which were used in papers II, III and IV. 

ℎ𝑐𝑐 = 6 + 4𝑣𝑣, 𝑣𝑣 ≤ 5 𝑚𝑚/𝑠𝑠 (3.6) 

ℎ𝑐𝑐 = 7.4𝑣𝑣0.78 ,   𝑣𝑣 > 5 𝑚𝑚/𝑠𝑠 (3.7) 

Radiation describes heat transfer between objects separated by a transparent medium 
or by vacuum. The radiated energy can be described as an electro-magnetic wave, whose 
wavelength depends on the temperature of the surface of the emitting body (Duffie and 
Beckman, 2006). All surfaces emit this type of radiation, but it is often divided into 
two types in temperature simulations, namely solar radiation (or short-wave radiation) 
and long-wave radiation. Solar radiation is absorbed by all surfaces that are reached by 
sunlight. Thermal flux from solar radiation is calculated using Eq. (3.8) as the 
absorptivity of the material, a, multiplied by the incoming solar radiation, G. The 
absorptivity is thus a factor in the range from zero to one, describing the proportion of 
the energy being absorbed (Kreith, 1973).  
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𝑞𝑞𝑠𝑠 = 𝑎𝑎𝑎𝑎 (3.8) 

The solar absorptivity depends on the surface color, as darker surfaces absorb more light 
than brighter surfaces. For asphalt, the absorptivity is often in the range of 0.8–0.95, 
where the higher value corresponds to newly placed asphalt. As the asphalt ages, 
oxidation causes the bitumen to fade, which makes it brighter (Bretz et al., 1997). 
Concrete is a brighter material than asphalt and thus has a lower absorptivity, which 
can be assumed to be in the range of 0.5–0.78 (Larsson, 2012). Concrete paving will 
thereby absorb less solar radiation than asphalt paving. As more absorbed heat in the 
bridge deck enables larger temperature differences between the deck and the abutment, 
only asphalt paving was used in papers II, III and IV. The absorptivity was assigned 
values within the presented range for asphalt, and the effect of varying the absorptivity 
was also investigated in paper II. 

The wave length of the emitted radiation increases with decreasing temperature. In this 
study, long wave radiation is defined as all radiation not originating from the sun. As 
the application regards temperature in bridges, this includes radiation emitted by the 
surface of the bridge structure and by the ground underneath it. It also includes 
incoming radiation from the sky, from e.g. clouds and stars as solar radiation is 
excluded. 

As all surfaces emit radiation, and the emitted radiation increases with increasing 
temperature, the net radiation will go from the warmer surface to the colder. Heat flux 
due to long wave radiation is determined by the Stefan Boltzmann law shown in 
Eq. (3.9), where σ is the Stefan-Boltzmann constant of 5.67·10−8 W/(m2°C4), ε is the 
emissivity of the surface material, Ts is the surface temperature and Topposite is the 
temperature of the opposite surface. The emissivity is a factor between zero and one, 
depending on the characteristics of the surface layer, and describing to what extent the 
surface is emitting long-wave radiation (Larsson, 2012). 

𝑞𝑞𝑟𝑟 = 𝜎𝜎𝜀𝜀�𝑇𝑇𝑠𝑠4 − 𝑇𝑇𝑜𝑜𝑝𝑝𝑝𝑝𝑜𝑜𝑠𝑠𝑚𝑚𝑐𝑐𝑒𝑒4 � (3.9) 

For long wave radiation, the absorptivity is equal to the emissivity of the material. For 
this reason, Eq. (3.9) only includes the emissivity. Concrete emissivity varies between 
0.85 and 0.95 (Threlkeld, 1970), and was set to 0.9 in Larsson (2009). The emissivity 
of asphalt is similar to the concrete emissivity, as shown by e.g. Quinn Brewster (1992) 
who assigns the value 0.93 to asphalt and 0.94 to concrete. Branco and Mendes (1993) 
used 0.9 for both materials, which was also used in papers II, III and IV. Paper II also 
investigated the effect of varying the emissivity from 0.85 to 0.95. 

Eq. (3.9) shows how net long wave radiation can be calculated from the temperature 
of surfaces. However, such a temperature cannot be determined directly for the sky. 
Instead, a corresponding sky temperature must first be determined from measurements 

SBUF rapport 13615  Bilaga A



19 
 

of incoming long wave radiation, using Eq. (3.10). In the equation, qsky is the incoming 
long wave heat flux and Tsky is the corresponding sky temperature. The emissivity in 
Eq. (3.10) was in papers II, III and IV set to 0.9, which is the same value as was used 
for the other materials, meaning that Eq. (3.9) can be used without adjustments for the 
differing value of ε. This methodology of measuring qsky, calculating Tsky using 
Eq. (3.10) and thereafter calculating the net radiation using Eq. (3.9) was used in 
papers II, III and IV. 

𝑇𝑇𝑠𝑠𝑘𝑘𝑠𝑠 = �𝑞𝑞𝑠𝑠𝑘𝑘𝑠𝑠 (𝜎𝜎𝜀𝜀)⁄4  (3.10) 

There are however methods for estimating qsky without measuring radiation directly, 
which were not used in this study. When the sky is clear, there is generally a net outflow 
of heat energy from surfaces on earth. The magnitude of the outflow depends on e.g. 
the air temperature. This was shown by Idso and Jacksson (1969), who formulated the 
incoming long wave radiative flux as a function of the air temperature as shown in 
Eq. (3.11). Combining Eq. (3.10) with Eq. (3.11), a mathematical relation between 
the air temperature and sky temperature can be determined for times when the sky is 
clear, as illustrated in Fig. 3.4. 

𝑞𝑞𝑠𝑠𝑘𝑘𝑠𝑠 = 𝜎𝜎𝑇𝑇𝑚𝑚𝑚𝑚𝑟𝑟4 �1 − 0,261𝑒𝑒−7.77∗10−4(273−𝑇𝑇𝑎𝑎𝑎𝑎𝑎𝑎)2� (3.11) 

 

 

 

 

 

 

 

 

 

 
Fig. 3.4. Difference between air and sky temperature as a function of the air temperature, based on relation by Idso 
and Jacksson (1969). 

The model for incoming long wave radiative flux was developed further by Swinbank 
(1963), who included a dependency of relative humidity. Later models by e.g. Goforth 
et al. (2002) also included the effect of cloud cover. According to the model, the clouds 
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increase the incoming long-wave radiation. The reason for this is that the surface 
temperature of the clouds is generally higher when they are closer to the ground. 

These relations can be used to calculate long-wave radiation from air temperature, and 
if the rate of cloud cover is known, the long wave radiation can be estimated in a 
simplified way. This methodology was evaluated for use in thermal simulations in 
portal frame bridges in Larsson Ivanov and Gottsäter (2019), and was shown to give 
realistic median and extreme values. Therefore, this methodology for estimating long-
wave radiation can be used to circumvent the problem of only having a few locations 
where long wave radiation is measured. 

Besides the heat transfer, the temperature of an object is affected by its specific heat 
capacity. The specific heat capacity, given in [J/(kg·K)], describes the energy required 
to increase the temperature of an object with a certain mass with a certain number of 
degrees. If the energy required to heat a certain volume of the material is of interest, the 
density of the material, in [kg/m3], must also be considered (Incropera et al., 2007). 

Concrete density is usually in the range of 2300–2400 kg/m3, depending on the 
porosity, the moisture content and the density of the cement and aggregate. The 
specific heat capacity depends on the moisture content, water-cement ratio and 
temperature, and is in the range of 800–1000 J/(kg·K) (Ljungkrantz et al., 1994). For 
asphalt, density values in the range of 2100–2240 kg/m3 and values for specific heat 
capacity in the range of 840–920 J/(kg·K) have been used in previous research listed by 
Larsson (2012). These values were used in papers II, III, and IV. For soil, the density 
and specific heat capacity can vary significantly, but density values in the range from 
1350 kg/m3 (dry sand, porosity of 0.5) to 2025 kg/m3 (dry sand, porosity of 0.25) and 
specific heat capacity values in the range from 756 J/(kg·K) (dry sand, porosity of 0.5) 
to 1600 J/(kg·K) (water saturated clay) were used in papers II, III, and IV. The values 
chosen are based on (Sundberg, 1991).  

3.2.2 Heat transfer in portal frame bridges 

The most significant climate parameters affecting the temperature in portal frame 
bridges are air temperature, wind speed, soil temperature, solar radiation and long-wave 
radiation from the sky. These climate parameters are illustrated in Fig. 3.5. The air 
temperature and wind speed cause convection along the surfaces facing air. The 
temperature in the top parts of the bridge, i.e. the bridge deck and abutment, are 
strongly affected by the air temperature. The temperature in these parts will follow the 
seasonal variations in air temperature.  

The short-term influence of the air temperature depends on the convection, i.e. the 
wind speed along the bridge surfaces. As the bridge surfaces are facing different 
directions, and as the bridge structure itself affects the air flow, the exact wind 
movements along the surfaces are complex and hard to predict. This makes it difficult 
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to determine the convection along the bridge surfaces correctly at a certain point in 
time, but reasonable estimations of the structural temperature were obtained from 
applying the wind speed measured at a weather station close to the bridge on all surfaces 
facing air, as was shown in paper III. 

 

 

 

 

 

 

 

 

 
Fig. 3.5. Climate parameters affecting the temperature of portal frame bridges. 

The soil temperature is on the other hand more constant over the year. Hillel (2004) 
illustrated the temperature variation with depth below the soil surface for different 
seasons, as shown in Fig. 3.6, which clearly shows that a few meters below the ground 
surface, the seasonal variations in temperature are negligible. Therefore, the 
temperature of the foundation generally differs more from the air temperature than the 
temperature in the other parts do. For this reason, the temperature in the foundation 
is likely to differ more from the temperature in the abutment in areas where the seasonal 
temperature variations are large, as was shown in paper IV. The constant temperature 
over the year a few meters below the ground surface was also used to motivate the 
boundary condition used in the simulations used in papers II, III and IV. 

Solar radiation generally increases the temperature of the top surface of the bridge the 
most, as the top surfaces of bridge decks are often not shaded by other objects. The rest 
of the bridges are often shaded by the bridge structure itself. The solar radiation has a 
larger influence on the structural temperature during summer than during the rest of 
the year. 

Long wave radiation from the sky also affects the top of the bridge deck significantly. 
As long wave radiation is dependent on the temperature of the opposing surfaces as 
shown in Eq. (3.9), and as the surfaces below the bridge deck which are facing each 
other can be assumed to have similar temperatures, long wave radiation between these 
surfaces was neglected in papers III and IV. 
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Fig. 3.6. Temperature variation with soil depth in frost-free regions. Figure after Hillel (2004). 

There are also other weather related phenomena which can have an impact on the 
structural temperature of portal frame bridges, but which were not considered in 
papers II, III and IV. This includes rain, which can either cool or heat the surface layer 
of the structure, and snow and ice, which changes the color and thus also the 
absorptivity and emissivity of the surface layer and can also insulate the surface. The 
material properties of the soil may also vary over time and space within the modeling 
area. Another effect which was not considered in this study is freezing of the materials, 
which affects the thermal conductivity and also leads to a release of heat energy. The 
same amount of energy is required for thawing. However, the verification of the 
simulation model in paper III showed that the model used had an acceptable margin 
of error. 

3.2.3 Thermal actions in Eurocode 

Thermal actions for bridges are presented in CEN (2003), which prescribes various 
types of temperature distributions to consider in design. These are uniform high and 
low temperatures, temperature gradients over bridge decks, and temperature differences 
between main structural elements. There are also some other types of thermal actions 
mentioned, such as horizontal gradients in bridge decks and temperature differences 
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between wall faces (possibly applied to abutments), but these are generally not 
considered in design of portal frame bridges in Sweden. 

The uniform high and low temperatures are compared with the temperature at casting, 
often assumed to be 10°C, in order to calculate the desired movements. The 
temperature values to consider are specified in isotherm maps. In Sweden, tables with 
values for each municipally have also been developed. The value is then modified based 
on the bridge type, e.g. values for bridges with concrete decks are less extreme than 
values for bridges with steel or composite decks. 

The load value for temperature gradients over bridge decks is dependent on the bridge 
type and surfacing, as well as whether the top or the bottom side is warmest. The value 
is however not dependent on the bridge location. A linear or multi-linear temperature 
variation over the cross-sectional height can be assumed, and the load case should be 
combined with the uniform high and low temperatures in different combinations. 

The load case for temperature differences between structural parts is defined in 
section 6.1.6 of CEN (2003), and is quoted in full below: 

“(1) In structures where differences in the uniform temperature component between different 
element types may cause adverse load effects, these effects should be taken into account. 

NOTE: The National annex may give values for the differences in the uniform temperature component. 
Recommended values are: 

- 15°C between main structural elements (e.g. tie and arch); and 

- 10°C and 20°C for light and dark colour respectively between suspension/stay cables and 
deck (or tower). 

(2) These effects should be considered in addition to the effects resulting from a uniform 
temperature component in all elements, determined from 6.1.3.” 

The 15°C temperature difference between “main structural elements” has in Sweden 
been interpreted as to be applied for structural parts in any bridge type, e.g. portal frame 
bridges. In many other countries, the load case has instead been interpreted as focusing 
only on the structural parts mentioned in the definition, and is thus not applied for e.g. 
portal frame bridges. For this reason, the present study has been of most interest in 
Sweden, and focus has been on Swedish conditions when developing a more detailed 
description of the load case, adapted for portal frame bridges. 

In design of portal frame bridges in Sweden, the temperature differences between bridge 
deck and abutment, and between abutment and foundation, are often considered 
simultaneously. A common methodology is to apply a vertical temperature gradient 
over the abutment height, so that the temperature in the top of the abutment equals 
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the temperature in the bridge deck, while the temperature in the bottom of the 
abutment equals the temperature in the foundation. A more conservative interpretation 
of the load case is to assume a uniform temperature in each structural part. These 
interpretations can thus result in temperature distributions as shown in Fig. 3.7, of 
which Fig. 3.7 (a) and (b) or Fig. 3.7 (c) and (d) are chosen to be used in design. 

Furthermore, the 15°C temperature difference has by some bridge designers been 
interpreted as the quasi-permanent value to be used in design situations, while others 
have interpreted the value as a characteristic load value. The latter interpretation of the 
load case implies that for crack width limitation calculations, which are performed 
using quasi-permanent load values, the temperature differences shown in Fig. 3.7 
should be multiplied with the ψ2-factor for thermal actions, i.e. 0.5 (see section 2.1.). 

 

 

 

 

 

 
(a)   (b) 

 

 

 

 

 

 
(c)   (d) 

Fig. 3.7. Thermal load case in CEN (2003) section 6.1.6 applied to portal frame bridges, with a gradient over the 
abutment height (a) and (b), uniform temperature in the structural parts (c) and (d), a warmer bridge deck than 
foundation (a) and (c), and a colder bridge deck than foundation, (b) and (d). 

The background document to the present Eurocode document regarding thermal 
actions (CEN, 1996) did not clearly motivate the choice of the 15°C load value. 
However, it was stated that in the previous German code, DIN 1072, a 5°C 
temperature difference was prescribed between structural parts of concrete, and a 15°C 
difference was prescribed if one or both parts were constituted of other materials. The 
previous Swedish code, Bro 2004 (Vägverket, 2004), prescribed a 10°C short-term 
temperature difference between structural parts, but no long-term temperature 

−15°C 

+15°C 

−15°C +15°C 

−15°C 

+15°C 

−15°C 

+15°C 

−15°C 

0°C 0°C 

+15°C 

−15°C 

+15°C 

0°C 0°C 

SBUF rapport 13615  Bilaga A



25 
 

difference. The fact that the load value was a short-term load means that it was not 
considered in crack width limitation, as crack width limitation is calculated using quasi-
permanent loads. This implies that the present load value used in crack width limitation 
today is high from a historical perspective. 

3.2.4 Suggested load cases based on the present study 

The present study includes an initial investigation of thermal actions in portal frame 
bridges, (paper II), a verification of the use of a temperature simulation model for portal 
frame bridge cross sections (paper III) and the determination of suggested load values 
for temperature differences between structural parts in portal frame bridges (paper IV). 
The most important conclusions of the papers are listed below: 

Conclusions from paper II: 

- It is reasonable to assign different temperatures to the different structural parts, 
and to consider the transition zones between the structural parts. Considering 
the transition zones reduces the maximum stress values, and makes the 
maximum stress appear in slightly different areas than otherwise. 

- A 15°C temperature difference, as given in Eurocode, is significantly larger 
than a realistic quasi-permanent load value for the temperature difference 
between the bridge deck and abutment of a portal frame bridge. It could 
however be a reasonable characteristic load value. 

- When the largest temperature differences occur, temperature gradients over 
the cross sections of both bridge deck and abutment are also present. 

- When considering the actual temperature distribution at the times for the 
largest temperature differences between the bridge deck and the abutment, the 
largest tensile stresses were found at the back side of the abutment, slightly 
below the corner region. 

- The stress distribution can be re-created fairly well by assigning temperature 
differences between the structural parts, as well as gradients over both the 
bridge deck and the abutment cross sectional heights. The temperature 
distribution in the corner area is however hard to describe in a simple way for 
this situation. 

Conclusions from paper III: 

- The model for thermal simulations of portal frame bridge cross sections 
renders realistic results of temperature differences between structural parts. 

- When using the model to determine temperature differences at specific points 
in time, a margin of error of 1.5°C should be added to the result in order not 
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to underestimate the actual value. However, when determining average values 
over time, the margin of error was shown to be negligible. 

- The temperature difference between the abutment and foundation can be 
larger than the difference between bridge deck and abutment, and must also 
be investigated further. 

Conclusions from paper IV: 

- The largest characteristic load values for the temperature difference between 
bridge deck and abutment found in the eight data series used were 14.7°C 
when the bridge deck was the warmer part and 13.7°C when the abutment was 
the warmer part. Regarding the temperature difference between abutment and 
foundation, the corresponding values were 18.5°C when the abutment was the 
warmer part and 26.7°C when the foundation was the warmer part. These 
values include the 1.5°C margin of error. 

- The corresponding quasi permanent values were 4.0°C for when the bridge 
deck was warmer than the abutment and 1.8°C when the abutment was 
warmer than the bridge deck. For temperature difference between abutment 
and foundation, the corresponding values were 6.5°C when the abutment was 
the warmer part and 5.2°C when the foundation was the warmer part. 

- Both characteristic and quasi-permanent load values for temperature 
differences between abutment and foundation were found to correlate with the 
difference in average mean air temperature between July and January. 

- The difference between the average maximum and minimum air temperature 
in January correlated with the load values for temperature difference between 
bridge deck and abutment, both for characteristic and quasi-permanent values, 
when the bridge deck is colder than the abutment. However, for the case when 
the bridge deck is warmer than the abutment, no simple correlation with air 
temperature was found. 

- The sizes of the transition zones were found to be independent of the cross-
sectional height of the bridge deck and abutment. 

Based on the results in the papers, the thermal load case for portal frame bridges which 
is illustrated in Fig. 3.8 was suggested. The values presented in the figure are based on 
the values found in paper IV. The temperature is set to 0°C in the abutment, and is 
then either higher in the bridge deck and lower in the foundation, or lower in the bridge 
deck and higher in the foundation. To simplify the load cases, the positive and negative 
temperature values are the same for each structural part and load combination. The 
values constitute the largest load values found in paper IV, rounded up. The transition 
zones are also marked in the figure, along which the temperature varies linearly. The 
length of the transition zone in the frame corner is independent of the bridge geometry, 
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and the length of the transition zone between abutment and foundation is only 
dependent of the depth of the foundation below the surface under the bridge. 
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Fig. 3.8. Proposed thermal loads for the load case describing temperature differences between structural parts. (a) 
describes the case when the bridge deck is the warmest structural part and (b) describes the case when it is the 
coldest part. The figure shows the system line of the structure. Linear temperature variations are assigned to the 
transition zones between the parts with constant temperature. 

3.2.5 Discussion regarding the suggested load cases 

The suggested thermal load case does not include gradients over the bridge deck and 
abutment, as was investigated in paper II. The reason for this is that these load effects 
are already described by other load cases, which can be considered in design.  
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The largest characteristic temperature difference between bridge deck and abutment 
when the deck is the warmest structural part was obtained using data from Lund, and 
the largest corresponding quasi-permanent value was obtained using data from 
Norrköping. However, all of the other largest temperature differences were obtained 
with data from Kiruna or Luleå, situated in the north of Sweden. A relation between 
the load values and aspects of the air temperature variations over the year were found 
and presented in paper IV, which explains these results. The load values were generally 
significantly lower in southern coastal locations than in northern locations, which 
indicates that the load values could be reduced in parts of the country. However, 
reducing the load values in certain regions requires thermal simulations with weather 
data from more locations. As of today, the available data is especially limited for solar 
and long wave radiation. The required data could however be obtained using calculated 
values for solar and long wave radiation, as investigated in Larsson Ivanov and Gottsäter 
(2019) and discussed in section 3.2.1. 

The suggested load cases apply the temperature difference between the bridge deck and 
abutment simultaneously with the difference between abutment and foundation. 
Investigations of the occurrence of extreme values indicate that extreme values of the 
two temperature differences often coincide, which is illustrated in Fig. 3.9. The figure 
shows the temperature difference between bridge deck and abutment as well as between 
abutment and foundation, during a one-year period using weather data from Kiruna. 
The temperature differences have been normed so that the maximum and minimum 
values of each temperature difference during the chosen time period corresponds to 1. 
The norming was done as the largest temperature difference between abutment and 
foundation was significantly larger than that between bridge deck and abutment. 
Positive values are defined as when the bridge deck is warmer than the abutment, and 
when the abutment is warmer than the foundation, respectively. Negative values thus 
correspond to the bridge deck being colder than the abutment, and the abutment being 
colder than the foundation, respectively. 

The temperature differences could also be considered one at a time, in which case the 
largest load value from the two analyses for each point in the structural model would 
be used, although this situation is unlikely to occur according to Fig. 3.9. However, 
significant differences in the results compared to when the temperature differences are 
considered simultaneously only occur in bridges which have abutments with large 
width to height ratios. When the width to height ratio is 5, the difference is e.g. up to 
0.5 MPa. For the case when the bridge deck is warm and the foundation is cold, 
considering the temperature differences separately causes the tensile stresses to increase 
in the foundation and the bridge deck, and to decrease in the abutment. 
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Fig. 3.9. Normed temperature differences between bridge deck and abutment as well as between abutment and 
foundation, for simulation with data from Kiruna, year 2009. 

The transition zones were in paper IV shown not to change significantly in length when 
the thickness of the bridge deck and abutment was varied. This was also the case when 
the bridge deck and abutment were assigned different thicknesses, as is shown in 
Fig. 3.10. The figure shows the temperature along the system line at the time for the 
largest temperature difference between bridge deck and abutment, which occurred with 
data from Lund on the 6th of July 1985 for the case when the bridge deck is warmer 
than the abutment (Fig. 3.10 (a)) and with data from Kiruna on the 8th of January 2016 
for the case when the bridge deck is colder than the abutment (Fig. 3.10 (b)). The small 
figure of a portal frame bridge cross section which is also shown in Fig. 3.10 (a) 
illustrates the system line and marks points of interest along it. These points are also 
marked along the horizontal axes of the graphs. The darker areas in the cross section 
shown are the areas used to determine the temperature in the structural parts, and the 
lighter areas are the transition zones. Note that the transition zone between abutment 
and foundation used in the design model, as shown in Fig. 3.8, covers the entire 
distance from “E” to “G”, even though the entire foundation has been used in the 
determination of the foundation temperature. 

Fig. 3.10 also indicates that the temperature difference between bridge deck and 
abutment increases when the cross-sectional height is smaller in the bridge deck than 
in the abutment, and that it decreases when the cross-sectional height is larger in the 
bridge deck. In real portal frame bridges, the cross-sectional height is however generally 
not smaller in the bridge deck than in the abutment. This means that a realistic worst 
case scenario is when the cross-sectional heights are equal, which was assumed in the 
model used for determination of load values. It can also be seen in Fig. 3.10 that the 
temperature difference between abutment and foundation is larger when the abutment 
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cross-sectional height is small, which explains why an abutment with a relatively small 
cross-sectional height was used when load values were determined. 

 

 

 

 

 

 

 

 
(a)   (b) 

Fig. 3.10. Temperature along the system line for the cases when the bridge deck is the warmest structural part (a) and 
the coldest structural part (b). Results are shown for 5 different combinations of bridge deck and abutment 
thicknesses.  

The length of the transition zone in the lower part of the abutment was in Fig. 3.8 
defined as the vertical distance from the foundation center of gravity to 0.3 m above 
the ground surface underneath the bridge. This definition is in Fig. 3.11 shown to be 
reasonable for a variety of levels of the ground surface under the bridge, i.e. for different 
depths of the foundation. The figure shows the temperature along the system line the 
same way as in Fig. 3.10, for different positions of the top end of the transition zone, 
i.e. the position of “E”. The figure legends indicate the lengths of the entire transition 
zones as defined in Fig. 3.8, i.e. the distance between “E” and “G”. The temperature 
distribution shown was obtained with data from Kiruna on the 11th of June 2011 in 
Fig. 3.11 (a) and from Kiruna on the 6th of February 2012 in Fig. 3.11 (b). On these 
occasions, the largest temperature differences between abutment and foundation were 
found. 

It can also be seen in Fig. 3.11 that the temperature difference between abutment and 
foundation increases when the depth of the foundation increases. Also, the temperature 
reaches an extreme value at the end of the abutment, denoted “H”. Although the 
distance between “E” and “G” was 1.6 m in the simulations used to determine the 
thermal load values presented in Fig. 3.8 and a longer distance would result in a larger 
load value, the presented load values are considered to be sufficiently conservative. One 
reason for this is that the major parts of the foundations are directed away from the 
bridge in horizontal direction, where the temperatures are more extreme, i.e. to the 
right of “G” in the illustration in Fig. 3.11 (a). 
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(a)  (b) 

Fig. 3.11. Temperature along the system line according to different levels of the ground below the bridge, which 
affects the position of “E”. The legend shows the length of the transition zone between the two parts in the different 
simulations, i.e. the distance “E” to “G”. 

The influence of the tapering of the frame corner on the temperature along the system 
line was also investigated. This was done by comparing results from using no tapering 
with results from one model with a 0.3 m vertical and 1 m horizontal tapering, and 
another model with a 0.6 m vertical and 2 m horizontal tapering. The comparison is 
shown in Fig. 3.12, using the same weather data as for Fig. 3.10. The figure shows that 
the tapering has no influence on the temperature along the system line when the bridge 
deck is warmer than the abutment, but that it has an influence when the bridge deck is 
colder than the abutment. 

 

 

 

 

 

 

 

 

(a)  (b) 

Fig. 3.12. Temperature along the system line for different sizes of the tapering in the frame corner. 

The explanation for these different effects of the tapering is that when the bridge deck 
is significantly warmer than the abutment, solar radiation has a large impact on the 
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structural temperature. Therefore, heat is thus transmitted from the top of the structure 
towards the lower parts. As the tapering is neglected when determining the position of 
the system line, the tapering thus has a negligible effect on the temperature in the frame 
corner. On the other hand, when the bridge deck is cold, heat is transmitted rather 
equally from all sides of the structure facing air, in which case a large tapering insulates 
the frame corner. The influence of the size of the tapering has however been disregarded 
when determining the lengths of the transition zone in the frame corner in the load 
cases. As longer transition zones reduce the stresses in the model, disregarding the 
influence of a large tapering and thus keeping the transition zone short is assumed to 
be on the safe side. 

Taking this information into account, the thermal load cases presented in Fig. 3.8 are 
expected to correspond to an unfavorable situation, as they were determined with the 
most unfavorable weather data available, and for a cross-sectional geometry which has 
been shown to be unfavorable as well. This means that the load cases presented in 
Fig. 3.8 can be used in design of portal frame bridges of general geometry in a Swedish 
climate. 

3.2.6 Special cases with reduced load values 

The load case presented in Fig. 3.8 is developed for a portal frame bridge with the 
principal geometry as shown in the figure, and can be used for portal frame bridges in 
general. However, the load case can be considered to be significantly exaggerated for at 
least two types of portal frame bridges, which have been investigated further within this 
study. These are bridges with a layer of gravel on the bridge deck of at least 300 mm, 
and bridges with a single foundation for both abutments, for which the foundation is 
only covered by a layer of asphalt paving of no more than 200 mm. These two bridge 
types are illustrated in Fig. 3.13. 

 

 

 

 

 

 

 

(a)  (b) 

Fig. 3.13. Illustrations of geometries where the special load cases regarding gravel on the bridge deck (a) and single 
foundation (b) are applicable. 

≥ 300 mm Gravel 

≤ 200 mm Asphalt 

Single foundation 
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Placing a layer of gravel with a thickness of at least 300 mm on the bridge deck is 
common for bridges carrying railway traffic. 

As the gravel insulates the bridge deck better than the asphalt paving, the temperature 
differences between bridge deck and abutment can be expected to become smaller in 
this case. The determination of the load values for this type of bridge was performed 
using the same model and methodology as in paper IV. The structural model was 
however modified, with a 300 mm gravel layer placed upon the bridge deck, which was 
assigned the same material properties as the fill used in paper IV. Also, only weather 
data from Lund, Kiruna and Luleå was used in the analyses. The resulting load values 
obtained with each data set is presented in Table 3.1. Based on these values, 
characteristic temperature differences between the bridge deck and the abutment of 
10°C and corresponding quasi-permanent values of 2°C was suggested for this special 
case. 

Table 3.1. Thermal load values in [°C] obtained using the different data series used to simulate temperature for a portal 
frame bridge with a gravel layer of at least 300 mm on the bridge deck. 

Load type Kiruna 08–17 Luleå 88–97 Lund 84–00 
Characteristic value, bridge deck 
warm 

8.0 6.9 7.7 

Characteristic value, bridge deck 
cold 

9.2 8.8 6.5 

Quasi-permanent value, bridge 
deck warm 

1.9 2.0 1.8 

Quasi-permanent value, bridge 
deck cold 

1.3 1.2 0.8 

 

For bridges with a single foundation for both abutments, the temperature difference 
between abutment and foundation can be reduced. The foundation is generally placed 
closer to the ground surface under the bridge for this type of structure, and often with 
only asphalt paving placed on top of it. This motivates the reduction of the temperature 
difference. The load values for this situation were also determined using the same model 
as in paper IV, with an adjusted structural model. A relatively thick asphalt layer of 
200 mm was placed on the foundation, as a thicker layer will lead to increased 
temperature differences between the abutment and foundation. Only data from Lund, 
Luleå and Kiruna were used in the analyses of this special case as well. The resulting 
load values obtained with each data set is presented in Table 3.2. Based on these values, 
characteristic temperature differences between the abutment and the foundation of 
10°C and corresponding quasi-permanent values of 2°C was suggested for this special 
case. 

In these analyses, it has been assumed that the road surface below the bridge deck is 
shaded (as it has in all other simulations). If it instead is assumed that solar radiation 
reaches the surface of the road under the bridge, the temperature difference could be 
reversed, i.e. the foundation could become warmer than the abutment during the 
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summer. This has however not been investigated further, and possible tensile stresses 
resulting from this situation is assumed to be smaller than tensile stresses caused by the 
suggested load cases. 

Table 3.2. Thermal load values in [°C] obtained using the different data series used to simulate temperature for a portal 
frame bridge with a single foundation. 

Load type Kiruna 08–17 Luleå 88–97 Lund 84–00 
Characteristic value, bridge deck 
warm 

8.4 7.3 7.1 

Characteristic value, bridge deck 
cold 

9.7 9.9 8.3 

Quasi-permanent value, bridge 
deck warm 

1.6 1.7 1.2 

Quasi-permanent value, bridge 
deck cold 

1.5 1.5 0.9 

 

The suggested load values to be used in design of these portal frame bridges are 
summarized in Table 3.3, which also shows the load values for the general case. For 
bridges fulfilling both conditions of the special load cases, the lower load values can be 
used for both temperature differences simultaneously, i.e. the load case can consist of 
10°C characteristic and a 2°C quasi-permanent temperature differences only. 

Table 3.3. Temperature differences suggested for the general load case and the two special cases investigated.  

 General load case ≥300 mm gravel on 
bridge deck 

Single foundation, 
≤200 mm asphalt on 
foundation 

Characteristic temperature 
difference, bridge deck–abutment 

±15°C  ±10°C  ±15°C  

Quasi-permanent temperature 
difference, bridge deck–abutment 

±4°C  ±2°C  ±4°C  

Characteristic temperature 
difference, abutment–foundation 

±27°C  ±27°C  ±10°C  

Quasi-permanent temperature 
difference, abutment–foundation 

±7°C  ±7°C  ±2°C  

 

3.3 Shrinkage in portal frame bridges 

Shrinkage is a process of volume loss in concrete due to either the concrete drying out 
after the curing, called drying out shrinkage, or the chemical binding of water to the 
cement paste during the hardening phase, called autogenous shrinkage. The autogenous 
shrinkage occurs during curing, and its magnitude depends on the concrete strength 
and cement type (fib, 2013). The drying out shrinkage on the other hand develops 
slowly, as the concrete slowly adapts its relative humidity (RH) to the surrounding 
environment after being water saturated during curing. 
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The rate of drying out shrinkage is often discussed in terms of reference shrinkage, i.e. 
shrinkage occurring in concrete in a standardized environment with regards to age at 
shrinkage initiation, RH and temperature (Ljungkrantz et al., 1994). The reference 
shrinkage depends on the water ratio in the concrete, which means that the shrinkage 
varies both with the water-cement ratio and the volume rate of cement and filler in the 
concrete (Bureau of Reclamation, 1942). 

In Eurocode (CEN, 2005a), the final value of the drying out shrinkage is determined 
by the RH of the surrounding environment, the concrete strength class and the cement 
type. The so called notional size is also considered when determining the final shrinkage 
value, which corresponds to two times the cross sectional area divided with the 
perimeter of the cross section exposed to drying. A large notional size reduces the 
calculated final shrinkage value, as thick structures can take many years to dry out 
completely. 

When shrinkage occurs, the cement volume is reduced, while the aggregate does not 
desire to change its volume. This means that even unrestrained shrinkage will cause 
stresses in concrete, as the cement paste will be in tension while the aggregate will be in 
compression (Ljungkrantz et al., 1994). In this study, the concrete is however only 
considered as a homogenous material, and the material components are not considered 
separately from each other. 

Since shrinkage only occurs in concrete and not in the reinforcement, the 
reinforcement will counteract the shrinkage, which causes stresses in the structure. The 
actual change of e.g. the length of a structural member will thereby not only depend 
on the magnitude of shrinkage, but also on the stiffness relationship between the 
concrete and the reinforcement. 

In section 4.5 and in paper VI, a difference in shrinkage of 10−4 between the 
foundations and the rest of the portal frame bridge was included in the analyses. This 
shall correspond to shrinkage resulting from casting the bridge in two stages, as 
discussed in section 2. When calculating shrinkage using Eurocode (CEN, 2005a), the 
value 10−4 corresponds to the sum of the autogenous shrinkage and drying out 
shrinkage developing in the foundations during 250 days, assuming concrete quality 
C40, 80% RH and the foundations drying out from the top edge only. The chosen 
value for the shrinkage difference is therefore considered to be larger than what is 
expected in most practical cases, and thus unlikely to underestimate the load effect.  
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4 Cracking in portal frame bridges 

4.1 The problem with cracking in concrete bridges 

The need to limit cracking by the use of reinforcement arises as concrete is a brittle 
material with often more than ten times higher strength in compression than in tension. 
When the tensile stresses in concrete surpasses the stress capacity, usually at a strain of 
about 10−4, cracking occurs (Ljungkrantz et al., 1994). The cracks risk exposing the 
reinforcement to corrosive agents, such as chlorides. It also enables carbonation along 
the crack, which reduces the pH-value of the concrete. A lowered pH-value in turn 
enables corrosion to take place (Zhou et al., 2015) which can reduce the durability of 
the structure significantly. Several other negative effects can also be found, such as 
increased water permeability and impaired aesthetic appearance. 

Cracking in concrete can be caused by e.g. restraint effects, external loads or chemical 
degradation, at any stage of the structural life time. Some examples of different types 
of cracks appearing at different stages of the life time are plastic settlement cracks 
appearing only a few minutes after casting, plastic shrinkage cracks appearing after a 
few hours, surface crazing and cracking due to thermal actions occurring after a few 
days of curing, and long term drying shrinkage cracks appearing after several weeks or 
months. Cracking caused by thermal actions due to ambient climate or external loading 
can occur at any time after the curing phase (The Concrete Society, 1992). Causes of 
cracking in concrete structures is discussed further in e.g. The Concrete Society (1992), 
Halvorsen (1993), Ljungkrantz et al. (1994), ACI Committee 224 (1998), ACI 
Committee 224 (2001) and Frosch et al. (2003). 

For bridges, which are often exposed to moisture, freeze-thaw cycles and de-icing 
agents, crack widths are to be limited in order to limit the deterioration of the structure. 
The crack width has a clear impact on the speed of the corrosion process in a short term 
perspective, with wider cracks leading to the corrosion process being faster. The 
influence of crack widths on the speed of the corrosion process in a long term 
perspective is however debated, where some studies indicate that crack widths are still 
relevant to the magnitude of long term corrosion, while other studies indicate that the 
long-term effect is independent of the width of the cracks (Beeby, 1983), (Otieno et 
al., 2010), (François et al., 2012). A further investigation of the rationale of securing 
durability by limiting crack widths is however beyond the scope of this study. 
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To the author’s knowledge, no study of cracking due to restraint effects in portal frame 
bridges, which can be related to differences in temperature or shrinkage between 
structural parts, has previously been performed. Several studies have however been 
performed on cracking due to restraint in other types of bridges, e.g. by Schmitt and 
Darwin (1995), Portland Cement Association (1970), Krauss and Rogallla (1996), 
Poppe (1981) and Frosch et al. (2003). One of the findings in these studies is that 
girder bridges, which are common in the US, are prone to cracking shortly after 
construction, and that this relates to shrinkage and thermal actions. This is discussed 
more in detail by Brown et al. (2001). One solution to the problem is presented by 
Saadeghvaziri and Hadidi (2005), who suggests that the stiffness of the girders must be 
reduced in relation to the stiffness of the bridge deck. 

In Sweden, the Swedish Transport Administration is responsible for the maintenance 
of most of the bridges. The agency uses a database called BaTMan, acronym for “Bridge 
and Tunnel Management” (Trafikverket, 2018), in which information about the 
bridges is stored. The database contains e.g. information regarding past and present 
damages in bridges. A smaller study performed within this project investigated the 
occurrence of different types of damage on Swedish portal frame bridges. The most 
common damage types (noted in over 1000 structural parts) in portal frame bridges at 
the time of the study (February 2015) are listed in Table 4.1. The labeling of the 
damage is not completely standardized, as it can be hard to define e.g. crack types. The 
study did not consider the severity of the damages, therefore it is unknown how many 
of the reported damages that were to be mitigated and how many that were considered 
acceptable. 

Table 4.1. The most common damage types in Swedish portal frame bridges based on data from BaTMan, February 
2015. 

Damage type No of affected structural parts 
Cracking due to tension 6330 
Spalling 3250 
Weathering 2717 
Corrosion 1674 
Cracking 1441 
Crushing 1124 

 

Table 4.1. shows that cracking is the most common damage type in portal frame 
bridges in Sweden. The cause of the damage is also stated in the database, and a 
summary of the given causes of cracking in the portal frame bridges is shown in 
Table 4.2. The cause of cracking is however often difficult to determine, and is in reality 
often a combination of effects. Also, the labeling is not standardized in this case either. 
Therefore, some of the crack causes given in the table are vaguely formulated. The table 
does however show that shrinkage is considered to be the most common cause of 
cracking, while thermal actions are considered to cause only a small minority of the 
cracks. It can therefore be stated that restraint effects are considered to be the main 
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cause of cracking in portal frame bridges. As cracks due to shrinkage and thermal 
actions can be hard to differ for each other, and as these effects often occur 
simultaneously, further investigations of cracking due to both thermal actions and 
shrinkage is motivated. 

Table 4.2. The most common causes for cracking in Swedish portal frame bridges based on data from BaTMan, 
February 2015. Crack causes have been listed for the damage types “Cracking due to tension”, “Cracking” and 
“Cracking due to bending”. 

Cause of cracking No of affected structural parts 
Shrinkage 2963  
Load/action – type not stated* 1789  
Undetermined cause 1699  
Construction error 850  
Environmental effect 276  
Curing 202  
Thermal action 162  
Traffic load 123  
Alkali-silica reaction 82  
Frost damage 76  
Chemical attack 70  

* In the damage reports which were written in Swedish, the word “belastning” was used. 

 

4.2 Cracking in reinforced concrete 

In uncracked reinforced concrete, the strain in a reinforcement bar and the concrete 
surrounding it is equal. At this stage, the difference in stress between concrete and 
reinforcement depends on the difference in Young’s modulus. For short-term loads, 
the Young’s modulus of the reinforcement is about six times larger than the Young’s 
modulus of the concrete. Therefore, the stresses in the reinforcement will be about six 
times larger than in the concrete. As the reinforcement often only constitutes a small 
part of the cross sectional area (usually below 2%), it will not significantly increase the 
force needed to cause cracking. However, after cracking has occurred, the 
reinforcement carries all tensile stresses in the cracked sections. This is why 
reinforcement does not prevent cracking from occurring, but enables the structure to 
carry loads after cracking has occurred. If sufficient reinforcement is placed in the 
structure, the load can be increased substantially after cracking (Ljungkrantz et al., 
1994). In many applications, cracking in reinforced concrete is seen as a necessary 
feature, in order for the structure to carry loads efficiently. 

The reinforcement bar and the concrete surrounding it strive to have equal strain. 
However, as the reinforcement bar carries all stresses over cracked sections, the strain 
in the bar is substantial in this section, while the concrete strain equals zero. Therefore, 
tensile stress is transferred from the reinforcement to the concrete along a certain 
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distance beside the crack, until the strain is equal in the materials. This distance is called 
the transmission length, and the stresses between the reinforcement and concrete along 
it are called bond stresses (Engström, 2014). 

Fig. 4.1 illustrates a reinforced concrete bar subjected to a tensile force F, which has 
caused the formation of a crack in the bar. The stress in the concrete (σc) and the 
reinforcement (σs) are also illustrated in the figure, as well as the bond stresses along the 
bar (τb). Within the transmission length (lt) no new crack can form, as the concrete 
stress cannot reach the strength value that close to an already cracked section. This 
limits the number of cracks that can form in the bar to what is called a stabilized crack 
pattern, and implies that the distance between cracks will be between lt and 2lt when 
the stabilized crack pattern is reached (Engström, 2014). 

 

 

 

 

 

 

 

 

 

 

 
Fig. 4.1. Principal variation of stresses in concrete and reinforcement as well as bond stresses along a reinforced bar 
with a crack, subjected to tension. Figure after Engström (2014). 

The transmission length can be derived from the bond-slip relation between the two 
materials. This bond is for normal reinforcement mostly caused by the ribs on the 
reinforcement bars, causing a mechanical connection between the materials 
(Ljungkrantz et al., 1994). The bond stress in a given cross section depends on, among 
other factors, the slip between concrete and reinforcement in the specific section. It 
therefore varies along the transmission length, which is illustrated in Fig. 4.1. The 
principal variation in bond stress as a function of slip is shown in Fig. 4.2. 

Jaccoud (1997) presented a mathematical expression for the ascending part of the curve 
in Fig. 4.2, which is given in Eq. (4.1) and was used in papers V and VI. The 
formulation was evaluated by comparing calculated crack widths with results from full-
scale tests performed by Jaccoud (1987) and Farra (1995). In the equation, τb is the 

F F 

σc 

σs 

τb 

lt lt 
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bond stress in [Pa], fcm is the concrete compressive strength in [Pa] and s is the slip in 
[mm]. The ascending part of the function is in the expression assumed to end at slip 
values of 1 mm. As crack widths in serviceability limit state should be significantly 
smaller than 2 times 1 mm (the same slip occurring on both sides of the crack), the 
descending part of the curve is not investigated further in this study, although a rough 
estimation of this part was implemented in the bond-slip formulation used in papers V 
and VI. 

 

 

 

 

 

 

 

 
Fig. 4.2. Bond stress as a function of slip for short term loading of a reinforced concrete bar. Figure after Jaccoud et 
al. (1996). 

𝜏𝜏𝑏𝑏 = 0.22𝑓𝑓𝑐𝑐𝑚𝑚𝑠𝑠0.21 (4.1) 

Several other mathematical expressions for the ascending part of the bond slip curve 
corresponding to Eq. (4.1) have been suggested, e.g. by Farra (1995) and Model Code 
2010 (fib, 2013). Soroushian and Choi (1989) also suggested an expression, which 
assumed that the ultimate bond stress depends not only on the compressive strength of 
the concrete, but also on the reinforcement diameter. 

Using Eq. (4.1), Jaccoud (1997) derived an expression for the mean crack width, wm, 
and the transmission length, lt. The expressions given in Jaccoud (1997) were 
reformulated by Engström (2014) into the forms shown in Eqs. (4.2–4.3). 

𝑤𝑤𝑚𝑚 = 0.420� 𝜑𝜑𝜎𝜎𝑠𝑠2

0.22𝑒𝑒𝑐𝑐𝑐𝑐𝐸𝐸𝑠𝑠�1+
𝐸𝐸𝑠𝑠
𝐸𝐸𝑐𝑐

𝐴𝐴𝑠𝑠
𝐴𝐴𝑒𝑒𝑓𝑓𝑓𝑓

�
�

0.826

+ 𝜎𝜎𝑠𝑠
𝐸𝐸𝑠𝑠
∙ 4𝜑𝜑 (4.2) 

𝑙𝑙𝑐𝑐 = 0.443 𝜑𝜑𝜎𝜎𝑠𝑠

0.22𝑒𝑒𝑐𝑐𝑐𝑐�𝑤𝑤𝑐𝑐−
𝜎𝜎𝑠𝑠
𝐸𝐸𝑠𝑠
∙4𝜑𝜑�

0.21
�1+𝐸𝐸𝑠𝑠𝐸𝐸𝑐𝑐

𝐴𝐴𝑠𝑠
𝐴𝐴𝑒𝑒𝑓𝑓𝑓𝑓

�
+ 2𝜑𝜑 (4.3) 

1 s [mm] 

τb 
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Eqs. (4.2–4.3) show that the mean crack width and transmission length can be 
expressed as functions of the reinforcement diameter, φ, the reinforcement stress in the 
cracked section, σs, the mean concrete compressive strength, fcm, the Young’s modulus 
of reinforcement and concrete, Es and Ec, respectively, the reinforcement area, As and 
the effective concrete area of the cross section, Aeff. SI-units are used, except for φ, lt and 
wm, which are in [mm]. 

In crack width limitation, the characteristic crack width, wk, is used, and not the mean 
crack width, wm. In order to calculate wk from wm, CEB (1985) gives the expression 
shown in Eq. (4.4), which is given for restraint situations. In non-restraint situations, 
the factor differing the values equals 1.7, but for restraint cases, the value is reduced. 
The reasons given for the reduction are that restraint cracks generally have smaller 
variations in width, and that the cracking reduces the restraint effects. 

𝑤𝑤𝑘𝑘 = 1.3𝑤𝑤𝑚𝑚 (4.4) 

4.3 Cracking due to restraint effects 

4.3.1 End-restrained reinforced concrete bars 

It was shown in Eq. (3.1) that the magnitude of the restraint stress depends on the 
restrained strain and the Young’s modulus of the material. For end-restrained bars, the 
restraint force thus depends on the restrained strain multiplied by the cross-sectional 
stiffness EA, as shown in Eq. (4.5). In the equation, F is the restraint force, 𝜀𝜀𝑅𝑅 is the 
restrained strain, A is the cross sectional area and E is Young’s modulus (Engström, 
2014). 

𝐹𝐹 = 𝜀𝜀𝑅𝑅𝐸𝐸𝐴𝐴 (4.5) 

In cracked sections, the stiffness EA is only constituted by the reinforcement. This 
corresponds to a significantly lower stiffness than in uncracked sections. Cracking will 
thereby reduce the stiffness of a structure and thus also reduce the restraint forces. 
However, Eq. (4.5) can only be used directly to calculate restraint forces if 𝜀𝜀𝑅𝑅, E and A 
are constant along the element, which is not the case if cracks have formed. 

The effect of cracking on the restraint force in end-restrained bars is illustrated in 
Fig. 4.3 (a). In the figure, the end restrained reinforced bar is subjected to a decrease in 
temperature, ΔT, which causes restraint stresses. Due to force compatibility, the tensile 
force F must be constant along the entire bar. The bar can therefore be considered as a 
system of springs connected in a series, for which the total elongation corresponds to 
the restrained elongation. The force caused by the elongation thereby corresponds to 
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the restraint force. Before cracking occurs, the stiffness k is equal in all the springs, 
assuming they are corresponding to parts of the reinforced bar with equal lengths. The 
strain ε is thereby also equal in the springs. 

In the spring model in Fig. 4.3, the first crack that forms causes a reduction of the 
stiffness of the spring in which the crack is situated. If the length of this spring 
corresponds to about half the total transmission length on both sides of the crack, the 
spring will now have a stiffness corresponding to the reinforcement bar only, while the 
stiffness of the other springs is unchanged. The formation of the crack does not affect 
the total elongation of the bar, as the total desired elongation due to the thermal action 
is unaffected by the cracking. However, the force in the element is reduced, as the 
stiffness of one of the springs is reduced. On the other hand, the strain, which was equal 
in the springs before cracking, is now increased in the weaker spring, and reduced in 
the other springs. This development is illustrated in Fig. 4.3 (b). The model presented 
here is a simplified version of the model used in Eriksson and Fritzson (2014). 

 

 

 

 

 

 

(a) (b) 

Fig. 4.3. Illustration of a bar which is uncracked (a) or has one crack (b) with spring models of the bars shown below. 

As non-restraint forces are unaffected by the structural stiffness, the cracking phase will 
look different depending on whether restraint or non-restraint forces are acting on the 
structure. In order to illustrate this difference, another example of a reinforced concrete 
bar is shown, see Fig. 4.4 (a). If the bar is subjected to a continuously increasing external 
load, the bar will go from uncracked to a stabilized crack pattern over a very small 
increase in loading, due to the small variations in concrete material properties along it, 
see Fig. 4.4 (b). The elongation of the bar, ΔL, can be expressed as in Eq. (4.6), which 
shows ΔL as a function of the force F, the length of the bar, L, and the average stiffness 
AE. As can be seen in the equation, the elongation is drastically increased for every new 
crack formed, as the stiffness of the bar is reduced. 

∆𝐿𝐿 = 𝐹𝐹𝐿𝐿 (𝐴𝐴𝐸𝐸)⁄  (4.6) 

If instead the elongation is continuously increased, the load – elongation relation will 
look different, as shown in Fig. 4.4 (c). When the stiffness decreases in this case due to 

ΔT 
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the formation of a crack, the force must also decrease in order for the elongation to 
remain unchanged. As the elongation continues to increase, a new crack will form each 
time the tensile strength of the concrete is reached. 

The most important differences between the two cases illustrated in Fig. 4.4 (b) and (c) 
are that in the restrained case, cracking reduces the stresses in the specimen, and that 
the development from one crack to the stabilized crack stage requires a significant 
increase in restraint. This difference in behavior is discussed in e.g. Jokela (1984), Ghali 
and Favre (1994), Elbadry and Ghali (1995), Balázs (2013) and Engström (2014). 

 

 

 

 

 
 
(a)    (b)                (c) 

Fig. 4.4. Comparison of load-deformation diagram of a reinforced concrete bar (a) subjected to a continuously 
increasing external load (b) or a continuously increasing elongation (c), corresponding to increasing restrained 
deformations. Figure after Ghali and Favre (1994), Elbadry and Ghali (1995), Balázs (2013) and Engström (2014). 

The conclusion that a significant increase in restraint is required to reach the stabilized 
crack pattern after the first crack has formed means that it can normally not be assumed 
that a stabilized crack pattern is reached when restraint stresses are dominating. This 
implies that the stiffness, and therefore also the restraint stresses of the specimen, are 
hard to predict. Fig. 4.5 shows the same load-elongation pattern as Fig. 4.4 (c), but 
with the stiffness of the uncracked stage (stage I) and the stabilized crack stage (stage II) 
marked. The stage I stiffness is denoted EAI, and the stage II stiffness is denoted EAII.  

Fig. 4.5 illustrates that if the stabilized crack pattern is not reached, the entire crack 
development process must be known in order to estimate the number of cracks and 
thereby the stiffness and stresses in the model. Using the stage I stiffness would in this 
case overestimate the stresses, while using the stage II stiffness would underestimate the 
stresses. This is illustrated by the forces FI and FII in Fig. 4.5, which are estimations of 
the restraint force FR at the restrained elongation ΔLR, using stage I and II stiffnesses, 
respectively. The stage II stiffness can be estimated beforehand by considering the 
distance between cracks at the stabilized cracking stage. As the expressions for crack 
width in Eurocode 2-1-1 (Eqs. 2.1–2.3) do not describe the reduction of restraint 
stresses due to cracking, there is no consideration of this stress reduction in the common 
design method. This implies that if the effects of cracking are not considered in another 
way during design, the resulting stresses from the calculations will correspond to FI in 
Fig. 4.5, and thus risk being significantly exaggerated. 

F 
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ΔL 

F 

ΔL 
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Fig. 4.5. Load-deformation diagram of an end-restrained bar subjected to restraint effects. A restrained elongation ΔLR 
causes the restraint force FR. Estimating FR by using the state I stiffness EAI or by using state II stiffness EAII gives the 
inaccurate results FI or FII respectively.  

In order to illustrate how crack widths and the number of cracks in an end-restrained 
reinforced concrete bar can be calculated, Example 1 is shown. The calculations in the 
example are made using Eq. (4.2) for a uniform temperature decrease in the bar, and 
are based on expressions from Engström (2014) and similar calculations in Nesset and 
Skoglund (2007). Calculations are also performed without including the stress 
reduction due to restraint, for comparison. 

 

Example 1: Calculation of crack width in an end restrained reinforced concrete bar 

The bar is fully restrained from any horizontal movements, and subjected to a temperature 
decrease of ΔT = −10°C. Material and cross sectional data is given below. 

 

 

 

 

 

 
Parameter Notation Value Unit 

Concrete tensile strength fct 2.2  MPa 

Concrete compressive strength fcm 28  MPa 

Concrete Young’s modulus Ec 30  GPa 

Reinforcement Young’s modulus Es 200  GPa 

Cross sectional area of the entire bar Ac 0.1·0.1  m2 

Cross sectional area of the reinforcement bar, 1φ16 As 2·10−4  m2 

 

EAII 

ΔL 

EAI 
F 

FI 

FR

 FII 

ΔLR 

ΔT= −10°C 

2 m 
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The effective cross sectional area of the uncracked parts of the bar, AI,eff, are calculated as 
follows: 

𝐴𝐴𝐼𝐼,𝑒𝑒𝑒𝑒𝑒𝑒 = 𝐴𝐴𝑐𝑐 + (𝐸𝐸𝑠𝑠 𝐸𝐸𝑐𝑐 − 1⁄ )𝐴𝐴𝑠𝑠 = 0.01 + (200 ∙ 109 30 ∙ 109 − 1⁄ ) ∙ 2 ∙ 10−4  

𝐴𝐴𝐼𝐼,𝑒𝑒𝑒𝑒𝑒𝑒 = 0.0111 𝑚𝑚2 

1. Determine whether the bar cracks or not 

Calculate stress with the assumption of no cracks and compare with the concrete strength. 

𝜎𝜎𝑐𝑐 = ∆𝑇𝑇𝑇𝑇𝐸𝐸𝑐𝑐 = 10 ∙ 10−5 ∙ 30 ∙ 109 = 3 𝑀𝑀𝑀𝑀𝑎𝑎 >  𝑓𝑓𝑐𝑐𝑐𝑐  

I.e. the bar will crack 

2. Determine whether there will be more than one crack 

Assume that one crack has formed and use deformation compatibility in order to determine 
the concrete stress in uncracked sections. 

Perceived elongation of the bar at ΔT= −10°C: 

∆𝐿𝐿 = ∆𝑇𝑇𝑇𝑇𝐿𝐿 = 10 ∙ 10−5 ∙ 2 = 2 ∙ 10−4𝑚𝑚  

This elongation shall correspond to the sum of the elongation of the uncracked length of the 
bar and the crack width. The crack width is expressed using Eq. (4.2). 

∆𝐿𝐿 = 2 ∙ 10−4 = 𝜀𝜀𝑅𝑅𝐿𝐿 + 𝑤𝑤(𝐹𝐹) 

∆𝐿𝐿 = 𝐹𝐹𝐿𝐿
𝐸𝐸𝑐𝑐𝐴𝐴𝐼𝐼,𝑒𝑒𝑓𝑓𝑓𝑓

+ �0.420� 𝜑𝜑𝐹𝐹𝑠𝑠2 𝐴𝐴𝑠𝑠2⁄

0.22𝑒𝑒𝑐𝑐𝑐𝑐𝐸𝐸𝑠𝑠�1+
𝐸𝐸𝑠𝑠
𝐸𝐸𝑐𝑐

𝐴𝐴𝑠𝑠
𝐴𝐴𝐼𝐼,𝑒𝑒𝑓𝑓𝑓𝑓

�
�

0.826

+ 𝐹𝐹𝑠𝑠
𝐴𝐴𝑠𝑠𝐸𝐸𝑠𝑠

4𝜑𝜑� /1000  

The force is constant along the bar, i.e. F = Fs. 

2 ∙ 10−4 = 2𝐹𝐹
30∙109∙0.0111

+ �0.420� 16∙𝐹𝐹2 �2∙10−4�
2

�

0.22∙28∙106∙200∙109∙�1+200∙10
9

30∙109
∙2∙10

−4
0.0111�

�
0.826

+

+ 𝐹𝐹
2∙10−4∙200∙109

4 ∙ 16� /1000  

→ 𝐹𝐹 = 18.2 𝑘𝑘𝑘𝑘 

The corresponding stress in the concrete at uncracked sections thus becomes 

𝜎𝜎𝑐𝑐 = 𝐹𝐹 𝐴𝐴𝐼𝐼,𝑒𝑒𝑒𝑒𝑒𝑒⁄ = 18.2 ∙ 103 0.0111⁄ = 1.64 𝑀𝑀𝑀𝑀𝑎𝑎 < 𝑓𝑓𝑐𝑐𝑐𝑐  
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I.e. only one crack will form.  

3. Calculate the crack width for the obtained force in the bar 

The crack width is calculated using Eq. (4.2) with the restraint force inserted. 

𝑤𝑤𝑚𝑚 = 0.420� 16∙182002 �2∙10−4�
2

�

0.22∙28∙106∙200∙109∙�1+200∙10
9

30∙109
∙2∙10

−4
0.0111�

�
0.826

+ 18200
2∙10−4∙200∙109

∙ 4 ∙ 16  

𝑤𝑤𝑚𝑚 = 0.091 𝑚𝑚𝑚𝑚  

 
Calculation without any consideration of stress reduction due to cracking: 

If the stress reduction due to cracking is disregarded, the crack width is calculated directly 
from the stress obtained when not including any cracking, i.e. assuming σc = 3 MPa. The 
reinforcement stress in the crack is then calculated using force compatibility along the bar: 

 
𝜎𝜎𝑐𝑐𝐴𝐴𝐼𝐼,𝑒𝑒𝑓𝑓𝑓𝑓

𝐴𝐴𝑠𝑠
= 𝜎𝜎𝑠𝑠  ↔ 3∙106∙0.0111

2∙10−4
= 167 𝑀𝑀𝑀𝑀𝑎𝑎  

The crack width wm can then be calculated using Eq. (4.2): 

𝑤𝑤𝑚𝑚 = 0.420� 𝜑𝜑𝜎𝜎𝑠𝑠2

0.22𝑒𝑒𝑐𝑐𝑐𝑐𝐸𝐸𝑠𝑠�1+
𝐸𝐸𝑠𝑠
𝐸𝐸𝑐𝑐

𝐴𝐴𝑠𝑠
𝐴𝐴𝑒𝑒𝑓𝑓𝑓𝑓

�
�

0.826

+ 𝜎𝜎𝑠𝑠
𝐸𝐸𝑠𝑠

4𝜑𝜑  

𝑤𝑤𝑚𝑚 = 0.420� 16∙�167∙106�
2

0.22∙28∙106∙200∙109�1+200∙10
9

30∙109
∙2∙10−4
∙0.0111�

�
0.826

+ 167∙106

200∙109
4 ∙ 16  

𝑤𝑤𝑚𝑚 = 0.22 𝑚𝑚𝑚𝑚  

I.e. more than twice as large as the crack width when considering restraint effects.  

 

Example 1 illustrates the difference in crack widths when calculated with the two 
different methods, including or disregarding the reduction of restraint due to cracking. 
In order to further demonstrate the difference between the methodologies, the restraint 
force and crack widths of the entire process of cracking is also calculated. The results 
are shown in Fig. 4.6, and the lines denoted “Standard method” and “Uncracked 
stiffness” are based on the same methodologies as in Example 1. However, the 
calculations are also made using a third method, denoted “Spring method”. In this 
method, the bar is divided into springs similar to what was shown in Fig. 4.3. The 
springs representing uncracked concrete have the initial stiffness attributes, and the 
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springs representing the cracks have the stiffness of the reinforcement only. The length 
of the springs representing the cracks is based on the transfer length calculated using 
Eq. (4.3). 

As the influence of the concrete gradually increases along the transfer length when 
moving away from a crack, the springs representing the crack cannot correspond to the 
full transfer length on both sides of the cracks, i.e. 2·lt. A more reasonable assumption 
would be to assume that half the transfer length on each side of the crack has the 
stiffness of reinforcement only, and the other half has the stiffness of the uncracked 
cross section. In the development of the method, a calibration of the length of the 
springs with crack properties was made, using test results of reinforced concrete bars 
subjected to increased elongation, presented in Jansson (2011) and Jansson et al. 
(2012). In the calibration, the length of the springs representing the cracks was adjusted 
to 1.05·lt. 

As the “Spring method” calculates the transfer length, the method can easily be used to 
check if the stabilized crack pattern is reached. In the “Standard method”, the number 
of cracks is not limited in the same way, as the transfer length is not used. For this 
reason, the “Standard method” calculations were aborted when there should be no more 
room for a new crack. 

 
 
 

 

 

 

 

 

(a)  (b) 

Fig 4.6. Diagram showing the restraint force (a) and crack width (b) in the bar in Example 1 as a function of the 
temperature decrease. 

A simplified way to consider cracking in end restrained structures is suggested in 
Eurocode 2-3 (CEN, 2006), which regards design of liquid retaining structures. The 
document presents a design method in which the crack width is calculated for the stress 
which causes cracks to form, i.e. the expression gives the maximum crack width possible 
during the crack formation stage. This can be a reasonable simplification as long as it 
can be assumed that the stable crack pattern is not reached. 

SBUF rapport 13615  Bilaga A



49 
 

4.3.2 Base restrained walls and portal frame bridges 

In the previous section where end restrained reinforced concrete bars were considered, 
the restraint effect was constant in the entire specimen. However, in the case of edge 
restrained specimens, the degree of restraint varies within the specimen, as was shown 
in Fig. 3.2. This means that the location of the first crack is not random, but is more 
likely to appear in an area with a high degree of restraint. When a crack has formed, 
the concrete beside it contracts, which reduces the restraint stresses in the area beside 
the crack. However, the restraining edge as well as the reinforcement limits the 
contraction of the concrete. In this way, the edge restraint not only causes cracks to 
form, but also limits their width. For this reason, the maximum crack width in base 
restrained walls is often not found at the base, where the degree of restraint is largest, 
but further up in the walls. This was seen in tests of cracking in reinforced base 
restrained walls performed by Stoffers (1978), Kheder et al. (1994), Kheder (1997) and 
Micallef et al. (2017). 

The varying degree of restraint and the non-uniform reduction of restraint stresses due 
to cracking makes it difficult to analyze cracking in base restrained walls analytically. 
Analytical expressions for crack widths are however listed in e.g. Kheder et al. (1994). 
Eurocode 2-3 (CEN, 2006) suggests an expression in which the difference in strain 
along the transmission length given in Eurocode 2-1-1 (CEN 2005a) and shown in 
Eq. (2.3), is replaced by the expression shown in Eq. (4.7). In the equation, R is the 
degree of restraint and εfree is the strain which should occur if the element was 
unrestrained. The document also prescribes values of the degree of restraint, which 
equals 0.5 in the bottom parts of the walls. However, Bamforth et al. (2010) argues 
that the crack width does not have as strong dependency of the restrained strain (Rεfree) 
as suggested by CEN (2006), and suggests another expression for calculation of crack 
widths in base restrained walls. It should also be noted that no analytical expression for 
crack widths due to restraint effects in base restrained walls is included in Eurocode 2-
1-1, which regards design of concrete structures in general, or Eurocode 2-2, which 
regards design of bridges. 

(𝜀𝜀𝑠𝑠𝑚𝑚 − 𝜀𝜀𝑐𝑐𝑚𝑚) = 𝑅𝑅𝜀𝜀𝑒𝑒𝑟𝑟𝑒𝑒𝑒𝑒  (4.7) 

FE-analyses have also been used to investigate cracking in base restrained walls. FE-
models have previously been developed and presented in e.g. Kianoush et al. (2008) 
and Matinmanesh and Kianoush (2013) for this purpose, who used the test results of 
Kheder (1997) to verify their model, and in Micallef et al. (2017), who verified the 
model using the test results presented in the same paper. A portal frame bridge as 
illustrated in Fig. 2.2 can be considered as a group of structural elements connected to 
each other along one or two edges, as discussed in section 3.1. A model which can 
predict cracking due to restraint in base restrained walls could therefore also be used to 
illustrate cracking in portal frame bridges, after some modifications. 
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4.3.3 Influence of creep 

Creep describes the increase in deformations that occur over time when structures are 
subjected to long-term loading. If a structure is subjected to restraint effects, creep will 
instead lead to a gradual decrease of stresses in the structure. In design calculations, 
creep effects are often considered as a reduction of Young’s modulus, as shown in 
Eq. (4.8), where Ec is the initial Young’s modulus, 𝜙𝜙 is the creep coefficient and Ec,eff is 
Young’s modulus with consideration taken to creep effects. The development of creep 
over time is thereby disregarded in the calculations, and the final deformation (or the 
stress value, in restraint situations) is instead determined directly from the load effect 
(or the imposed strain, in the case of restraint) (Ljungkrantz et al., 1994). 

𝐸𝐸𝑐𝑐,𝑒𝑒𝑒𝑒𝑒𝑒 = 𝐸𝐸𝑐𝑐
1+𝜙𝜙

  (4.8) 

As cracking occurs for a certain stress value in the concrete, the assumption of creep 
thus means that a larger restrained strain is required in order to cause cracking. In 
reinforced concrete, this larger strain will cause a larger stress in the reinforcement 
before cracking occurs, which means that the cross-sectional force required to cause 
cracking increases. This in turn leads to an increase of crack widths. This is illustrated 
in Fig. 4.7, which shows the restraint force and crack widths in the same reinforced 
concrete bar as in Example 1 and Fig. 4.6, using the “Spring method” for calculation, 
but with different creep coefficients. Results from a similar comparison is shown by 
Nesset and Skoglund (2007). 

 
 
 

 

 

 

 

 

(a)  (b) 

Fig 4.7. Diagram showing the restraint force (a) and the crack width (b) in the bar in Example 1 as a function of the 
temperature decrease, for four different values of creep. 

In linear elastic design models, the reinforcement is generally omitted, as the required 
amount of reinforcement is to be decided. Omitting the reinforcement means that the 
increase in force and thus crack widths is not captured when creep is considered as a 
reduction of Young’s modulus according to Eq. (4.8). Such an analysis can thus capture 

SBUF rapport 13615  Bilaga A



51 
 

the restraint effect required for cracking correctly (assuming the creep coefficient is 
correct and cracking does not occur before the creep has developed), but will 
underestimate the resulting crack widths. Also, subsequent cracking is delayed, as the 
reduction of the restraint force due to cracking is overestimated. This is illustrated in 
Fig. 4.8, which shows the restraint force and crack widths for the cases with 𝜙𝜙=0, 𝜙𝜙=1 
and estimating 𝜙𝜙=1 by halving the load effect in the model. The reduction of the load 
effect is in this case achieved by halving the coefficient of thermal expansion. This 
reduction of the load effect corresponds to halving the Young’s modulus (i.e. assigning 
𝜙𝜙=1) in a linear elastic model which do not include reinforcement. 

 
 

 

 

 

 

 

 
(a)   (b) 
Fig. 4.8. Diagram showing the restraint force (a) and the crack width (b) in the bar in Example 1 for different values of 
creep and different methods of considering creep in the model. 

4.4 Investigation of cracking using FE-analyses 

In this study, cracking in base restrained walls and portal frame bridges were 
investigated using FE-analyses. When analyzing base restrained walls, the concrete was 
modeled with plane stress elements, and the bi-linear material behavior suggested by 
Gylltoft (1983) was used for concrete in tension. The reinforcement bars were modeled 
as discrete bars, and the bond-slip relation presented in Eq. (4.1) was used to describe 
the stress transfer between the materials. 

A fixed crack direction with a shear retention of 0.3 was used, which rendered realistic 
results in initial analyses and also lead to few convergence difficulties. The interface 
between the surfaces of the concrete structural parts as well as between the bottom 
surface and the ground were modeled using non-linear interface elements. A more 
detailed description of the model used for analyses of base restrained walls is given in 
paper V. 
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In paper V, the analysis model was validated by re-creating results of full-scale tests of 
base restrained walls presented in Micallef et al. (2017) and Kheder (1997), which 
showed that the analysis model tends to overestimate both the number of cracks and 
the crack widths. This is considered acceptable, as an overestimation of cracking will 
lead to conservative conclusions regarding the reinforcement amounts required for 
limitation of crack widths. There are several modeling aspects which can explain the 
difference between test and analysis results. Some examples are that the analysis did not 
include the material development during the curing phase, there were uncertainties 
regarding the material parameters and the stiffness of the connections, and that the 
analysis model was a 2D-model. The fact that the walls were modeled in 2D indicates 
that only through cracks can appear in the model, and that the entire cross-sectional 
area constitutes the effective cross sectional area. The difference between analysis results 
and test results can also be due to uncertainties in the tests, e.g. the stiffness of the 
connection towards the foundation. In the comparison with the tests in Kheder (1997), 
several material parameters required in the FE-analyses were unknown. 

Another comparison of results was made with the analysis results of crack widths in 
base restrained walls by Zangeneh Kamali et al. (2013), who presented crack widths in 
five fictitious walls subjected to thermal actions. The height of the walls was 3 m and 
the width varied from 3 m to 21 m. The cross-sectional thickness was 0.5 m, and the 
walls were reinforced with φ12 cc 125 mm in both vertical and horizontal direction, 
and on both sides of the system line. The walls were restrained from horizontal 
movements along the top edges. Zangeneh Kamali et al. (2013) compared the resulting 
crack widths with crack widths calculated for the walls with the methodology presented 
in Eurocode 2-3 CEN (2006). The comparison showed the crack widths in Zangeneh 
Kamali et al. (2013) and Eurocode 2-3 CEN (2006) to be of similar magnitude. 

The analyses performed in Zangeneh Kamali et al. (2013) were re-created in this study 
using the model developed in paper V, which rendered fewer and wider cracks 
compared to the original analyses. The models were slightly different as Zangeneh 
Kamali et al. (2013) assumed a rigid connection between reinforcement and concrete 
and used quadratic elements, whereas the model developed in paper V uses a bond-slip 
relation for concrete – reinforcement interaction and uses triangular elements. The bi-
linear relations used for the descending part of the concrete stress-strain relations in 
tension were also slightly different. The difference in results is illustrated by comparing 
Figs. 4.9 and 4.10, as Fig. 4.9 shows the crack pattern and crack widths presented in 
Zangeneh Kamali et al. (2013), and Fig. 4.10 shows the results obtained in this study. 
Note that the color scale is different in the two figures. The comparison illustrates the 
relatively large differences in results that can be obtained when non-linear FE-analyses 
with slightly different modeling choices are used to model cracking in reinforced 
concrete. 
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Fig. 4.11 shows the corresponding results from when the bond-slip relation in the 
analysis in this study was replaced with a rigid connection between concrete and 
reinforcement. This type of reinforcement to concrete interaction was used in 
Zangeneh Kamali et al. (2013), and it can be seen that these analyses agree better with 
the results in Fig. 4.9, especially in terms of crack widths. The number of cracks was 
also increased when the bond-slip relation was replaced with a rigid connection, which 
can explain the reduced crack widths. Using a bond-slip relation thereby leads to fewer 
and wider cracks in the investigated cases, which is considered unfavorable. This 
significant effect of introducing bond-slip was also seen in paper V. 

The direction of the cracks is also different from the analyses by Zangeneh Kamali et 
al. (2013), which was shown to be caused by the element shape. The quadratic elements 
used by Zangeneh Kamali et al. (2013) rendered vertical cracks, while the triangular 
elements used in this study rendered more inclined cracks. Quadratic elements were 
also tested in this study, which then rendered vertical cracks also in this case. As the 
cracks were inclined in the analyses made in this study, the crack widths shown in Fig. 
4.10 and 4.11 are perpendicular to the crack direction, and not in the horizontal 
direction as in Fig. 4.9.  
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Fig. 4.9. Results from analyses of cracking in base restrained walls presented in Zangeneh Kamali et al. (2013). The 
maximum crack width is 0.128 mm.   
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Fig. 4.10. Results from analyzing the same fictitious walls as in Fig. 4.9 using the model developed in paper V. The 
grids seen in the walls illustrate the reinforcment bars. The maximum crack width is 0.40 mm. 
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Fig. 4.11. Results from analyzing the same fictitious walls as in Fig. 4.9 using the model developed in paper V, but 
using embedded reinforcement instead of bond-slip relations. The grids seen in the walls illustrate the reinforcment 
bars. The maximum crack width is 0.19 mm.  
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The results of Zangeneh Kamali et al. (2013) indicated that the calculations in CEN 
(2006) renders reasonable results, as the maximum crack width in the analysis was 
0.13 mm and the crack widths calculated using CEN (2006) was 0.15 mm. It should 
be noted that the analytical crack width was in this case calculated assuming R=1, which 
was also used in the analysis, while R=0.5 is recommended in CEN (2006). Also, the 
expression recommended in Eurocode for the crack distance (sr,max) was used instead of 
the Swedish national choice, presented in Eq. (2.2). 

The crack widths in Zangeneh Kamali et al. (2013) are however significantly smaller 
than the crack widths found in the present study, as can be seen by comparing Figs. 4.9 
and 4.10, and considering the changed color scale. Fig. 4.12 shows the maximum crack 
widths during the analyses presented in Fig. 4.10, as well as the result calculated using 
CEN (2006), i.e. Eqs. (2.1), (2.3) and (4.7), with R=1. It can be seen that the results 
obtained in this study are not consistently smaller than the results obtained using the 
analytical expression. Also, the crack widths are not proportional to the thermal action, 
but may decrease when an additional crack appears in the wall, as was also stated by 
Bamforth et al. (2010). This would have been even more visible in Fig 4.12 if results 
were shown with smaller intervals of thermal action than 1°C. 

 

 

 

 

 

 

 

 

 

 
Fig. 4.12. Development of crack widths in analyses in this study using bond slip, and comparison with theoretical 
result calculated with Eqs. (2.1), (2.3) and (4.7), with R=1. 

The findings of a few wide cracks instead of several smaller cracks using the model 
developed in this study is also in accordance with observed cracking in some portal 
frame bridges in Sweden, which is reported in BaTMan (Trafikverket, 2018). One 
example is bridge 1280-264-1 in Malmö, which was built in 1962. In an inspection in 
august 2009, a single 1.0 mm wide vertical crack was observed in both abutments, 
which has also been seen and measured to the same width in inspections in April 2013, 
October 2015 and September 2018. Another example is bridge 1280-367-1, also in 
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Malmö, built in 1998. A single 0.4 mm wide vertical crack was noted in its abutments 
in September 2009. The cracks were later injected but opened again and were measured 
to 0.4 mm in inspections in 2013 and September 2015. However, the cause of cracking 
in these cases and the reinforcement layout used in the bridges have not been 
investigated within this study. 

4.5 FE-analyses of cracking in portal frame bridges 

After the model for cracking in base restrained walls was validated, it was used to 
investigate cracking in portal frame bridges. In these analyses, curved shell elements 
were used in place of plane stress elements, as stresses were no longer limited to a plane. 
Interface elements with a bed stiffness of 50MN/m3 were placed under the foundation, 
which represented the vertical stiffness of the soil. The soil was however not limiting 
expansions in the longitudinal or transversal direction, see Fig. 2.2. 

The actions included in the analyses were self-weight of the concrete and the soil upon 
the foundations, shrinkage differences due to casting of the structure in stages, 
described in section 3.3, and the thermal load case presented in Fig. 3.8. Horizontal 
stresses induced by the soil were omitted from the analyses, although e.g. horizontal 
soil pressure on the wing walls could cause transverse stresses in the abutments. These 
stresses would however become larger due to uniform shrinkage combined with a 
uniform thermal action, which are not investigated within this research project.  

The self-weight was applied first, and was needed in order to cause realistic 
deformations of the foundation. Thereafter, the difference in shrinkage was applied, as 
it is a permanent action. Then, the characteristic value of the thermal action was 
applied, in order for cracking to occur. Finally, the thermal action was reduced to its 
quasi-permanent value, as crack widths shall be determined using a quasi-permanent 
load combination. 

The risk for cracking and the resulting crack widths were investigated both in the frame 
corner and in the bottom of the abutment, close to the foundation. Cracking in the 
foundation itself was however not investigated, as the geometry of the foundation can 
vary significantly, which makes it difficult to draw any general conclusions regarding 
the cracking. Creep effects were not included in the analyses in this section. A detailed 
consideration of creep is difficult as it develops over time. A simplified way of including 
creep in the analyses is to reduce the load values, which gives similar effects as reducing 
the Young’s modulus of the concrete. However, as was shown in section 4.3.3, 
including creep this way can render an accurate time for the formation of the first crack, 
but the resulting crack widths will be underestimated. Also, subsequent cracking is 
delayed. Therefore, this method of inclusion of creep was considered unreliable. Creep 
was however included as a reduction of loads in paper VI. 
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The structural model used is shown in Fig. 4.13. The bridge was given a relatively large 
width, which leads to larger degrees of restraint in the structure. The width was however 
reduced in some analyses. The cross-sectional height was 0.4 m in the bridge deck and 
in the abutments, and 0.5 m in the foundations. The concrete was of quality C40. 
Double symmetry was utilized, i.e. only a fourth of the bridge is modelled. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 
Fig. 4.13. Structural model of bridge used in analyses of cracking. Dimensions in m.  

4.5.1 Cracking in the corner region 

The restraint effects investigated in this study were less prone to cause cracking in the 
corner region than in the lower part of the abutment, as the thermal actions were 
smaller in the corner region, and no difference in shrinkage was occurring. Initially, 
analyses using linear elastic material models were made, in which the characteristic 
thermal load was also applied. These analyses were meant to indicate in which cases 
cracking may occur in the corner region at all. The analyses showed that the load case 
in Fig. 3.8 caused larger tensile stresses in the top part of the abutment when the bridge 
deck is warm, than in the bridge deck when the bridge deck is cold. The reason for this 
is that the temperature difference between abutment and foundation caused 
compressive stresses in the entire corner region when the foundation was warm, but 
caused tensile stresses in the corner region when the foundation was cold. 

8 

20 

6 

0.8 
2 

SBUF rapport 13615  Bilaga A



60 
 

Correspondingly, it was found that including the difference in shrinkage caused 
compressive stresses in the entire corner region. 

In order not to underestimate the risk of cracking, analyses of the risk for cracking in 
the bridge deck were therefore run with the temperature difference between bridge deck 
and abutment only, while the entire thermal load case was included when investigating 
cracking in the top of the abutment, and shrinkage was omitted in both cases. In order 
to determine whether cracking might occur, the stresses resulting from the analyses 
were compared with the characteristic tensile strength of the concrete, which was 
2.5 MPa. 

The largest tensile stress occurring in the bridge deck for the characteristic load values 
was found to be 1.75 MPa, which is well below the tensile strength of 2.5 MPa. When 
the temperature difference between abutment and foundation also was applied, the 
maximum tensile stress in the bridge deck was reduced to 1.05 MPa. Adding the 
difference in shrinkage between foundation and bridge deck to the two temperature 
differences reduced the maximum tensile stress to 1.00 MPa. For this reason, cracking 
in the bridge deck due to the investigated load effects was considered as unlikely. The 
concrete strength could however be reduced by self-equilibrating stresses resulting from 
the curing, which combined with the investigated load effect could case cracking. This 
effect was however omitted in this study, as it is generally omitted in design situations. 
Also, as mentioned in section 3.2.5, the cross-sectional height of bridge decks is 
sometimes larger than the abutments, while the opposite is very unusual. Having a 
larger cross-sectional height in the bridge deck than in the abutment would reduce the 
degree of restraint in the bridge deck, which in turn would reduce the tensile stresses 
even further.  

On the other hand, the maximum tensile stress in the top of the abutment in the 
analyses was 3.0 MPa. As this value is larger than the characteristic tensile strength of 
the concrete, it was assumed that cracking could occur. Therefore, non-linear FE-
analyses were made in order to investigate the resulting crack widths. In the non-linear 
analyses, the mean values of the concrete material properties were used, as the analyses 
were to capture the actual behavior of the material. However, as the mean tensile 
strength of the concrete is higher than the maximum tensile strength in the linear elastic 
analyses, the thermal actions were increased by a factor of 1.4. The factor value 
corresponds to the difference between mean and characteristic strength of concrete 
C40, and assures that cracking will occur in the analyses. 

Analyses were made using the model of a 20 m wide bridge shown in Fig. 4.13, as well 
as with a model in which the width was reduced to 10 m. Minimum reinforcement 
according to Eq. (2.4) was placed in the abutment, corresponding to φ16 cc 195 mm 
both horizontally and vertically and on both sides of the cross sectional system line. In 
Eq. (2.4), k was calculated using the Swedish national choice presented by Boverket 
(2015), rendering the value k=0.733. The results of the analyses are shown in Fig. 4.14. 
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In the analysis of the 10 m wide bridge, only one crack appeared, which formed beside 
the symmetry line and reached a maximum width of 0.10 mm. The fracture energy of 
this row of elements was halved in order to account for the equal crack forming on the 
other side of the symmetry line. By halving the fracture energy, it was considered that 
the entire crack width was captured in the model. When the bridge was 20 m wide, 
two cracks formed, one beside the symmetry line and the other about 3.7 m away from 
it. The maximum crack width was in this case 0.12 mm. 

 
 

 

 

 

 

 

 

 

 

 

 

 
Fig. 4.14. Crack patterns and crack widths when cracking in the top edge of the abutment was investigated. Results 
are shown for the quasi-permanent load combination, after the thermal load has been reduced from its characteristic 
value. 

The characteristic crack width, which shall be compared with the demands on crack 
width limitation, is calculated as the mean crack width multiplied with 1.3, as shown 
in Eq. (4.4). In this case, the largest crack width in each wall multiplied with 1.3 renders 
crack widths of 0.13 mm and 0.16 mm, respectively. Choosing the maximum crack 
width from the analyses for use as wm in Eq. (4.4) is meant to add a safety margin to 
the result. As crack width limitations are often 0.15 mm or 0.20 mm (see 
section 2.1.1), it can be concluded that the load case combined with minimum 
reinforcement according to Eq. (2.4) can lead to crack widths close to the limit of what 
is considered as being acceptable. A small investigation of the influence of the 
reinforcement amount on the crack widths was made, by halving the transverse 
reinforcement in the model. The reinforcement amount was found to have a relatively 
small impact on the result, as the characteristic values of the maximum crack widths 
increased to 0.14 mm and 0.18 mm, respectively, and cracks formed in roughly the 
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same locations. This indicates that the reinforcement amount does not have as large 
influence on the crack widths as in non-restraint cases. 

When evaluating the results presented in this section, the following should be kept in 
mind: 

- The relative cross-sectional heights of the structural parts affect the degree of 
restraint. If the parts have different cross-sectional height, the part with smaller 
cross-sectional height is more prone to cracking. As abutments are in some 
cases made with smaller cross-sectional heights than bridge decks, especially in 
bridges with long spans, this likely increases the crack widths in the abutments. 

- For the investigated cases, the stress variations over the cross-sectional height 
were small, and the cracks forming in the analysis model were through cracks. 

- The use of shell elements means that stress transfer in the direction of the cross-
sectional height is not modeled. This means that in the model, the entire cross-
sectional height is considered as the effective cross-sectional height. For the 
specific structural model investigated in this study, this had only a small impact 
on the result, as the cross-sectional height was 400 mm and the cover 72 mm 
on both sides. However, using the model in cases where there is a significant 
difference between the effective concrete area and the total area would mean 
that secondary cracks, which are forming within the effective concrete area and 
are caused by the restraining effect of the reinforcement (Schlicke and Tue, 
2015), is omitted. This will likely lead to an underestimation of the total 
number of cracks, and thus to an overestimation of crack widths. 

- Residual stresses from the curing phase were omitted in the study. This could 
lead to an underestimation of crack widths, as shown in paper V. However, 
disregarding residual stresses from the curing phase is common in design 
situations. 

- There is a large degree of randomness regarding cracking, which implies that 
there is a risk of underestimating the maximum crack width in specific cases. 
For this reason, the characteristic crack width is compared with the limit 
values, instead of the mean crack width. However, as the model has not been 
validated for portal frame bridges, it is unclear whether this safety margin is 
sufficient. Possibly, an additional safety margin could be assigned to the 
calculation results. 

In conclusion, it is likely that the bridge decks of portal frame bridges will not crack 
due to differences in temperature between the structural parts. The top part of the 
abutments may however do so, and the cracks might become wider than allowed, 
especially if the abutment cross-sectional height is smaller than that of the bridge deck. 
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If instead a linear elastic analysis is made, the stresses resulting from the quasi-
permanent load case determines the required reinforcement amount. With the bridge 
geometry presented in Fig. 4.13, the tensile stresses in the concrete in the middle of the 
cross section were smoothed out according to Trafikverket (2011b) and multiplied with 
the cross-sectional height, in order to obtain the force that should be carried by the 
reinforcement. The reinforcement amount required for crack width limitation was 
thereafter calculated using the conventional design method (Eqs. (2.1–2.3)). The 
maximum smoothed out tensile stresses in the concrete were 0.47 MPa in the bridge 
deck and 0.79 MPa in the abutment, and the reinforcement required to limit crack 
widths to 0.15 mm in the two cases was φ16 cc 130 mm and φ16 cc 98 mm, 
respectively, on both sides of the system line. A 15°C temperature difference between 
structural parts was also assigned to the structure, as in the conservative interpretation 
of the Eurocode load case (see Fig. 3.7 (c) and (d)). The resulting maximum smoothed 
out stresses were in this case 2.1 MPa in the bridge deck and 3.7 MPa in the abutment, 
rendering a reinforcement need of φ16 cc 57 mm and φ16 cc 40 mm, respectively, on 
both sides of the system line. 

A comparison was also made between the reinforcement amounts used in the non-
linear analyses and the amount of reinforcement required to obtain the same crack 
width when using the new thermal load case in the linear elastic analysis, combined 
with the conventional crack width calculation method (Eqs. (2.1–2.3)). The results 
were compared by calculating a factor describing the difference in reinforcement 
amounts, by dividing the cc-distance in the non-linear analysis with the cc-distance 
resulting from using the conventional design method. The results are shown in 
Table 4.3, which summarizes the characteristic crack widths from the four different 
analyses. The stress values from the linear elastic analyses are independent of the 
reinforcement amount, as the reinforcement is not included in the linear elastic analysis. 
The difference in required cc-distance between the cases where the same bridge width 
is therefore only due to the difference in the crack width that should be obtained. 

The results show that the factor describing the difference in reinforcement amounts can 
vary significantly when the reinforcement amount is changed. It can also be noted that 
the factor gets slightly smaller when the width of the bridge is increased. However, too 
few analyses were made for general conclusions to be drawn. 
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Table 4.3. Comparison of crack widths in non-linear analyses, reinforcement required to obtain the same crack widths 
using the conventional design method and the factor describing the difference in reinforcement amounts. 

Analysis model 10 m wide 
cc 195 mm 

20 m wide 
cc 195 mm 

10 m wide 
cc 390 mm 

20 m wide 
cc 390 mm 

Char. crack width in non-linear 
analysis [mm] 

0.13 0.16 0.14 0.18 

Tensile stress used in 
conventional crack width 
calculation [MPa] 

0.69 0.79 0.69 0.79 

Required cc to obtain same 
crack width with conventional 
method [mm] 

98 102 102 109 

Factor describing difference in 
reinforcement amount 

2.0 1.9 3.8 3.6 

 

4.5.2 Cracking in the lower part of the abutment 

In the lower part of the abutment, linear elastic analyses, including both the 
characteristic values of the thermal load case and the difference in shrinkage, caused 
stresses of up to 7 MPa. It is therefore obvious that the characteristic load values will 
cause cracking in this area, and extensive non-linear analyses were therefore made in 
order to investigate the cracking further. These analyses were performed without 
utilizing the symmetry condition in the width direction of the bridge, as it had been 
shown that utilizing symmetry could affect the number of cracks in the abutment. As 
the first crack appeared beside the symmetry line due to the reduced fracture energy, 
the number of cracks in the entire wall would always become uneven in such a model. 
The structural model used was the same as in the previous section, with the exception 
of the width of the wall, which was reduced to 10 m. This was done in order to limit 
the size of the model. 

Seven analyses were made using different cc-distances for the reinforcement in both 
vertical and horizontal direction. φ16 and identical reinforcement on both sides of the 
system line was used also in this case. The resulting maximum characteristic crack 
widths are shown in Fig. 4.15, as a function of the cc-distance. In a corresponding 
linear elastic analysis using quasi-permanent loads, the largest transverse tensile stress 
value was 2.7 MPa after being smoothed out according to Trafikverket (2011b). The 
crack width calculated from this result using Eqs. (2.1–2.3) is also shown in the figure 
as a function of the cc-distance. As can be seen in the figure, the factor describing the 
difference in reinforcement required to obtain the same crack widths in the 
conventional design method and the non-linear analyses increases with reduced 
reinforcement ratio in the non-linear analysis. The factors describing the difference in 
reinforcement amounts, as well as the characteristic crack widths for quasi-permanent 
load in the non-linear analyses and the cc-distances required to obtain the same crack 
widths in the conventional method are shown in Table 4.4. 
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It can be seen in Table 4.4 that when the minimum reinforcement is used, which 
corresponds to φ16 cc 195 mm on both sides of the cross section, the characteristic 
crack width (0.34 mm) is larger than the limit values for crack widths in Swedish 
bridges (0.15–0.20 mm, see section 2.1). It should however be noted that the crack 
width resulting from the analysis is dependent on the bridge geometry, i.e. no general 
conclusion could be drawn from the results. Also, along edges where differences in 
shrinkage due to casting of the bridge in stages can appear, extra reinforcement of 5 φ16 
bars are generally placed in Sweden on both sides of the cross section in the newer part, 
with a 200 mm cc-distance. This means that in a real case, more reinforcement should 
be placed in the lower part of the abutment. However, this reinforcement is placed 
lower than the height levels of the largest crack widths in the model, and when the 
reinforcement is included, the maximum characteristic crack width is only reduced to 
0.32 mm. 

 

 

 
 

 

 

 

 

 

 
 
Fig. 4.15. Characteristic crack widths according to non-linear analyses (stars) and crack widths calculated using 
Eqs. (2.1–2.3) and stresses from linear elastic analyses (line). 

Table 4.4. Comparison of crack widths in non-linear analyses, reinforcement required to obtain the same crack widths 
using the conventional design method and the factor describing the difference in reinforcement amounts. 

CC-distance in non-linear 
analysis [mm] 

70 100 135 195 240 300 500 

Char. crack width in non-
linear analysis [mm] 

0.18 0.26 0.31 0.34 0.37 0.39 0.45 

Required cc to obtain same 
crack width with 
conventional method [mm] 

55 68 75 79 82 84 92 

Factor describing difference 
in reinforcement amount 

1.3 1.5 1.8 2.5 2.9 3.6 5.4 
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Not only is the crack widths considered unacceptable when the minimum 
reinforcement amount according to Eq. (2.4) is used. In fact, all the obtained maximum 
characteristic crack widths are larger than the strictest demand on crack widths in 
Swedish bridges, i.e. 0.15 mm. Therefore, cracks which are unacceptably wide could 
form in Swedish portal frame bridges due to the investigated restraint effects. As stated 
in section 4.4, this is also likely occurring, but it is not, to the author’s knowledge, 
considered to be a major issue for Swedish bridges, although restraint effects are known 
to cause cracking, see e.g. Table 4.2. Possibly, this is explained by the safety margins 
added both to the load values and to the crack widths resulting from the analyses, and 
by disregarding creep in the analyses. 

Fig. 4.15 and Table 4.4 show that the reinforcement amount does not influence the 
crack widths in restraint situations as strongly as in non-restraint situations. This was 
also indicated in section 4.5.1. One reason for this is that when the reinforcement ratio 
is increased, the stiffness is also increased, which in turn increases the restraint and also 
the crack widths. Another possible explanation is that in this type of restraint situation, 
the restraining edge could be significantly limiting the widths of the cracks. This is 
suspected as the cracks cannot propagate over the edge, due to the structural part on 
the other side of the edge being in compression. The small influence of the 
reinforcement amount can also be seen by observing the crack pattern in the abutments, 
which are relatively similar. In the seven analyses, three cracks formed in the abutments 
in all cases except for when the cc-distance was 70 mm, in which case five cracks 
formed. The crack patters for the cases with φ16 cc 500 mm and 70 mm are shown in 
Fig. 4.16. 

 
 
 

 

 

 

 

 

 

 

 
Fig. 4.16. Crack pattern in portal frame bridge with reinforcement φ16 cc 500 mm (left) and φ16 cc 70 mm (right) 
when having been subjected to characteristic loads which thereafter were reduced to quasi-permanent load values. 
The given crack widths have not been recalculated to characteristic values. 
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In order to evaluate the conclusion regarding the influence of the reinforcement ratio 
on the maximum crack widths, these results were compared with corresponding results 
in tests and analyses of base restrained walls. The comparison is presented in Table 4.5, 
which shows reinforcement ratios and maximum crack widths for tests of base 
restrained walls presented in Kheder (1997) and Micallef et al. (2017), and analyses of 
the same structures presented in paper V. Ratios of the crack widths are also presented 
for both analysis results and test results. These ratios thereby describe to what degree 
the increase in reinforcement affected the maximum crack widths. Analysis results of 
portal frame bridges with similar reinforcement amounts taken from Table 4.4 are also 
included in the comparison. 

Table 4.5. Comparison of ratios for maximum crack widths in tests and analyses with different reinforcement amounts. 
Test results are taken from Kheder (1997) and Micallef et al. (2017), and the analyses are performed within this study, 
presented in paper V and in section 4.5.2. 

Structure Reinforcement 
ratio [%] 

Maximum 
crack width, 
test [mm] 

Ratios tests Maximum 
crack width, 
analysis [mm] 

Ratios 
analyses 

Kheder 1E1 0.20 0.48 
1.92 

0.63 
1.80 

Kheder 1E2 0.80 0.25 0.35 
Kheder 2E1 0.20 0.62 

1.55 
0.65 

1.12 
Kheder 2E2 0.80 0.40 0.58 
Portal frame 
bridge cc 500 0.20   0.45 

1.45 
Portal frame 
bridge cc 135 0.74   0.31 

Micallef 4 0.48 0.40 
1.67 

0.28 
1.75 

Micallef 3 0.74 0.24 0.16 
Portal frame 
bridge cc 240 0.42  

 
0.37 

1.19 
Portal frame 
bridge cc 135 0.74  0.31 

 

The ratios obtained with the test results from Kheder (1997) are larger than the 
corresponding ratios for the analysis results recreating the tests, as well as the portal 
frame bridges with similar reinforcement ratios. However, the ratio value varies 
significantly both between the comparisons based on test results and analysis results, 
indicating that the difference between test and analysis ratios could be due to random 
variations. The ratio obtained with test results from Micallef et al. (2017) is slightly 
smaller than the corresponding analysis ratio, while the corresponding ratio calculated 
from the portal frame bridges with similar reinforcement ratios is significantly smaller. 
In conclusion, the influence of the reinforcement amount on the crack widths is similar 
in analyses presented in paper V and tests presented in Kheder (1997) and Micallef et 
al. (2017), to what was found in the portal frame bridges. The slightly smaller influence 
of reinforcement found in the analyses of portal frame bridges could possibly be 
explained by e.g. the same number of cracks forming in the analyses of portal frame 
bridges used for comparison in Table 4.5, and the different width to height ratio of the 
abutments, compared to the base restrained walls. 
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Fig. 4.17 shows the maximum characteristic crack widths in different steps of the 
analyses. The graphs show how the maximum crack width develops under loading up 
to characteristic load and unloading to the quasi-permanent load level. The difference 
in strain between abutment and foundation, shown on the horizontal axis in the figure, 
is caused by both shrinkage and thermal action. It can be seen in Fig. 4.17 that the 
crack widths did not increase linearly with the increasing restrained strain, as was 
suggested in Eurocode 2-3 (CEN, 2006). The reason for the crack widths not being 
proportional to the applied restraint loads is likely the reduction of restraint that occurs 
as the structure cracks. The effect of reducing the thermal action from its characteristic 
value to the quasi-permanent value is also visible in the figure. 

 

 
 
 

 

 

 

 

 

 

 
Fig. 4.17. Development of crack widths in analyses of cracking in the lower part of the abutment in portal frame 
bridges. The horizontal axis shows the corresponding temperature difference between abutment and foundation, i.e. 
the combined effect of shrinkage and thermal action. 

The fact that the same number of cracks appear in all of the analyses except one 
indicates that the cracks in these cases are formed by the restraining edge and not by 
the restraint caused by the reinforcement. These three cracks can thus be considered 
primary cracks, and the two extra cracks in the analysis with cc 70 mm could 
correspond to secondary cracks, according to the definition in Schlicke and Tue, 
(2015), as they are likely caused by the reinforcement. However, it can be seen by 
observing the reductions in crack width appearing in Fig. 4.17 that the second and 
third cracks form earlier in the analyses with more reinforcement. E.g. in the analysis 
with cc 100 mm, the third crack appeared already for a difference in strain of 2.9·10−4, 
while in the analysis with cc 500 mm, the third crack formed at a difference in strain 
of 3.6·10−4. 
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It should also be noted that in many of the analyses, the largest crack width appears 
before the largest restraint load is applied. This indicates that the crack width for quasi-
permanent action would have been larger, if the load had not been increased all the way 
to the characteristic value prior to the load reduction. In the case of cc 500 mm in 
Fig 4.17, the largest quasi-permanent crack width would have been obtained if the load 
increase was stopped before the formation of the second crack, at a desired strain 
difference of 3.25·10−4. This can also be understood as since the formation of additional 
cracks reduces the stiffness of the structure, the largest stiffness of a cracked structure is 
obtained when only one crack is present. 

An investigation of the effect of changing the width of the bridge was made also in this 
case. The analysis model with reinforcement cc 300 mm was used, and the width was 
changed from 10 m to 5 m and 15 m, respectively. A comparison of the results from 
using both non-linear analysis and the conventional design method is shown in 
Table 4.6. The comparison shows that increasing the width of the bridge lead to a slight 
decrease of the factor describing the difference in reinforcement amount, which is 
similar to what was found in the corresponding investigation in section 4.5.1. 

Table 4.6. Comparison of results when the width of the bridge was varied. All analyses were made with reinforcement 
cc 300 mm. 

Bridge width [m] 5 10 15 
Number of vertical cracks 1 3 3 
Characteristic crack width in non-linear analysis [mm] 0.25 0.39 0.51 
Tensile stress used in conventional crack width calculation [MPa] 2.2 2.7 2.9 
Required cc to obtain same crack width with conventional method [mm] 74 84 95 
Factor describing difference in reinforcement amount 4.1 3.6 3.2 

 

4.5.3 Discussion on comparison of crack widths 

The comparisons between the reinforcement amounts required for limiting crack 
widths to certain values when using the two different analysis methods show that the 
non-linear analysis consistently rendered significantly smaller reinforcement 
requirements. However, the factor describing the difference in required reinforcement 
is in the range of 1.3–4.1, which shows that there were large variations in the results. 

It was found that the reinforcement amount used in the non-linear analyses has a large 
impact on the factor, as adding reinforcement has a smaller influence on crack widths 
in the non-linear analyses than in the conventional method. It was also found that the 
width of the bridge affects the factor value, as a wider structure rendered a smaller 
factor. This can seem unexpected, as the restraint is reduced when cracks form, and 
there are more cracks in the wider bridge. However, the results of this study indicate 
that the initial restraining conditions have a larger effect on the cracking, as the cracks 
were significantly wider when the width of the bridge was increased. 
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These results show that a relation between the conventional design method and the 
non-linear analysis results will be difficult to determine, as it will be dependent on 
several factors, e.g. the reinforcement amount and the geometry of the structure. As can 
be seen in Fig. 4.17, the crack width changes non-linearly during the crack 
development stage, and the load magnitude will therefore also affect the factor value. 

It was also seen in Fig. 4.17 that the formation of a single new crack can have a large 
impact on the maximum crack width. Therefore, the factor value can be very different 
depending on whether one extra crack appears or not. In order for the factor to be 
accurate, the exact number of cracks in the structure must be anticipated, which will 
be difficult to achieve. The conservative solution would be to assume only one crack 
forming, or possibly one crack forming within a certain length of the wall. However, a 
more extensive study on e.g. the effect of geometrical variations and reinforcement 
placement is needed before any further conclusions can be drawn. Finally, as the study 
indicates that the reinforcement amount has a limited influence on the crack widths, it 
could in some cases be more effective to limit the degree of restraint in the structure by 
e.g. limit the abutment width to height ratio, than to add extra reinforcement. 
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5 Summary of appended papers 

Paper I – Comparison of Models for Design of Portal Frame Bridges with regard to 
Restraint Forces 

Stresses caused by the thermal load case in Eurocode describing temperature differences 
between structural parts were investigated. Calculations were performed for a simple 
portal frame bridge geometry using different model types, and the results show that the 
load case, such as it was interpreted in the paper, renders large stresses in the transversal 
direction, if this direction is included in the structural model used for design. The 
design methods tested did not take the reduction of stresses due to cracking into 
account, and it was suggested that this, as well as the thermal load case itself, should be 
investigated further. 

 

Paper II – Simulation of thermal load distribution in portal frame bridges 

Thermal simulations were performed using a 2D FE-model of a bridge cross section, 
which showed that temperature differences can occur between bridge deck and 
abutments in portal frame bridges due to variations in ambient climate. The study 
showed that temperature differences can develop between the bridge deck and 
abutments, and that the temperature changes gradually in the corner region. The 
gradual change in temperature resulted in smaller restraint stresses compared to the case 
with an abrupt temperature change. Also, a parametric study was performed in order 
to investigate which parameters had the largest influence on the temperature difference 
between the structural parts. It was found that the most significant parameters were the 
cross-sectional height of the bridge deck, the asphalt heat conductivity and the cross-
sectional height of the abutment. 

 

Paper III – Validation of Temperature Simulations in a Portal Frame Bridge 

The model for temperature simulation used in paper II was validated for use in portal 
frame bridges. Temperature measurements were made in 12 locations in a bridge cross 
section during a 12-month-period, and the validation was done by comparing 
simulated temperature with the measured temperature values. The results showed that 
at specific points in time, the temperature difference between the bridge deck and the 
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abutment differed up to 1.5°C between measurements and simulation. However, the 
mean values over time agreed well. Therefore, it was recommended that a 1.5°C safety 
margin is added to extreme values determined using the model, while no safety margin 
is required for mean values over time. 

 

Paper IV – Spatial Temperature Differences in Portal Frame Bridges 

The model used in papers II and III was used to determine characteristic and quasi-
permanent load values for the load case describing temperature differences between 
structural parts in portal frame bridges. The load values were determined using eight 
data series from different parts of Sweden, and the suggested values were therefore 
expected to be valid in Swedish climate conditions. However, for three out of four types 
of temperature differences investigated, a correlation was found with aspects of air 
temperature variations, which can be used in the future to estimate load values in other 
locations. For the forth load case, describing the situation when the bridge deck is 
warmer than the abutment, no simple correlation was found. This is possibly explained 
by other parameters, such as solar radiation, having a larger impact on the result in this 
case. 

 

Paper V – Crack widths in base restrained walls subjected to restraint loading 

A model for analysis of cracking in reinforced concrete base restrained walls was 
validated by comparing analysis results with results from tests performed in previous 
research. The results showed that the model tended to overestimate cracking, but if the 
thermal stresses caused by the hardening process were disregarded, the model risked to 
underestimate the resulting crack widths. A sensitivity study was also made, which e.g. 
showed that the introduction of a bond-slip relation is necessary in order to describe 
cracking realistically in walls with a high reinforcement ratio. 

 

Paper VI – Crack widths in portal frame bridges subjected to restraint effects 

The model used in paper V was developed further in order to analyze cracking in portal 
frame bridges. The load case developed in paper IV was used as the thermal action in 
the analyses, and the resulting crack widths were compared with results obtained from 
(1) not including the effect of stress reduction due to cracking and (2) using an 
interpretation of the Eurocode thermal load case while not including the stress 
reduction. The study showed that for the specific geometry used, both the new load 
definition and the inclusion of stress reduction due to cracking lead to significant 
reductions of the reinforcement required for crack width limitation. 
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6 Conclusions 

The main conclusions from this dissertation are presented below. 

• Differences in temperature between structural parts do occur in portal frame 
bridges, and these thermal actions should be included in design, in order not 
to underestimate the restraint effects in the structure. 

• The temperature varies spatially in the corner regions of the bridges and in the 
lower part of the abutments. In the rest of the structure, the temperature 
generally only varies over the cross-sectional height, and not along the system 
line. By considering the gradual change of temperature in the corner region 
and in the lower part of the abutment in the load case, the resulting stresses 
become smaller, compared to when using the conservative interpretation of the 
present Eurocode load case. Also, the largest stress values appear in more 
correct locations. 

• The model for temperature simulations used in the study has good accuracy 
and acceptable precision, in terms of temperature differences between 
structural parts in portal frame bridges. 

• The load values shown in Fig. 3.8 are suggested to be used for the load case 
describing temperature differences between structural parts in design of portal 
frame bridges in Swedish climate conditions. The load values were determined 
using an unfavorable geometry, and the load values chosen are based on the 
simulation with the most unfavorable weather data. 

• The temperature differences between abutment and foundation were found to 
correlate with the difference between mean temperature in January and July. 
Also, the temperature difference for the abutment being warmer than the 
bridge deck was found to correlate with the difference between maximum and 
minimum temperature during January. Therefore, the air temperature 
variation over the year can give an indication of reasonable load values that can 
be expected at specific locations. However, no simple correlation was found 
between the air temperature and the case when the bridge deck is warmer than 
the abutment. 

• The length of the transition zone in the frame corner is in the suggested load 
cases 0.65 m both in vertical and horizontal direction along the system line of 
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the structure. It can be considered to be independent of the thicknesses of the 
structural parts, and of the tapering of the frame corner. The transition zone 
between abutment and foundation is suggested to cover the distance from the 
vertical center of gravity of the foundation to 0.3 m above the ground level 
below the bridge, and is also found to be independent of the thickness of the 
abutment. 

• The model for analysis of cracking was verified by comparing results with tests 
performed on base restrained walls, and it was shown that the model tended 
to overestimate cracking. However, thermal stresses developing during the 
hardening can cause the cracking to be larger than predicted by the model, if 
not included in the analyses. As these stresses are often neglected in design 
calculations, this was considered as acceptable. 

• If the reduction of restraint due to cracking is not accounted for in design, it 
is likely that the resulting stresses will be significantly overestimated. 

• Cracking due to spatial temperature differences is unlikely in the bridge deck 
of portal frame bridges. In the top of the abutment, the crack widths can be 
larger than the accepted limit, especially if the abutment is thinner than the 
bridge deck. The largest cracks are however likely to form in the lower part of 
the abutment and possibly also in the foundation. 

• When cracking in base restrained walls and portal frame bridges is caused by 
restraint effects, the crack widths do not increase proportionally with the 
restraint effect. The reason for this is that the increase in crack width is reduced 
when new cracks form, as the structural stiffness is reduced by the formation 
of every new crack. 

• Crack widths in portal frame bridges have a weaker dependency on the 
reinforcement amount than anticipated with the Eurocode 2-1-1-equations 
for crack width calculation, which were developed for non-restraint cases. This 
is likely explained by the increased reinforcement amount increasing the 
stiffness of the structure, which in turn increases the restraint. Also, the 
restraining edge is itself limiting the crack widths, as the structure is in 
compression on the other side of the edge and the cracks thus will not extend 
beyond it. 

• The minimum reinforcement amount was not sufficient in order to limit crack 
widths, when the suggested thermal load case and shrinkage was applied in the 
developed FE-analysis model which describes cracking. As increasing the 
reinforcement amount has a limited influence on the resulting crack widths, it 
could be more effective to limit the degree of restraint in design situations, by 
e.g. limiting the abutment width to height ratio. 
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6.1 Further research needs 

The development and verification of the model for thermal simulations enables 
extended studies of the temperature differences between structural parts of bridges. 
Some possibilities regarding the model for temperature simulations are listed below. 

• To investigate other bridge types or special geometrical cases of portal frame 
bridges. 

• To develop load cases for other geographic areas. However, if the climate in 
the chosen area is profoundly different, a new verification of the simulation 
model could be required, as the climate and heat transfer aspects could be of 
different importance. 

• To determine local load values for Sweden, instead of national. The present 
study indicates that the temperature difference between abutment and 
foundation is smaller in the parts of the country where the seasonal 
temperature variations are small. The temperature difference between 
abutment and foundation could therefore likely be reduced in many coastal 
areas, and in the southern part of the country in general. As radiation data is 
measured in only a few locations in the country, calculated radiation data could 
be used in future analyses. 

Also, the study of cracking in portal frame bridges could be extended, and the following 
investigations are possible: 

• To investigate cracking in existing bridges, and evaluate if cracks can be 
connected to the restraint effects investigated in this study. Such results could 
possibly also be used to confirm the reliability of the analysis model used in 
this study. 

• To perform a parametric study on the crack widths, focusing on the influence 
of the geometry of the structure. 

• To establish a relation between results obtained using linear elastic analyses 
used in design and the results from non-linear analyses, in order to calibrate 
the common design using the more accurate non-linear model. 
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Foreword 
This report presents methodology, results and conclusions from the PhD-project “Evaluation, modeling 
and handling of restraint stresses in concrete bridges”, which can be relevant for bridge designers. The 
project investigated thermal actions in portal frame bridges, and the widths of cracks resulting from 
restraint effects. The main results and conclusions are given in the summary in Swedish, while the 
following parts in English presents both results and conclusions, as well as the methodology. 

The report is developed as a guide for practicing bridge designers on how the load case describing 
temperature differences between structural parts can be included in design. It also highlights the 
difficulties and need for further research on determining what the resulting crack widths are and how to 
design crack distribution reinforcement when cracking is caused by restraint effects. 

The research was performed at Lund University and Chalmers University of Technology during the 
period 2014-2019. A more extensive presentation of the theory and research methodology used, as well 
as the results, can be found in the dissertation resulting from the PhD-project, entitled “Restraint Effects 
in Concrete Bridges” [1]. The dissertation is in turn based on four journal articles [2-5] and two 
conference articles [6-7]. Two other conference articles [8-9] were also produced within the project. 
However, these two articles do not present new information in relation to the journal articles.  

This work was financed by Trafikverket (BBT) and SBUF, whose support is much appreciated. A 
special thanks to the supervisors of the PhD-project not listed as authors, Miklós Molnár, Annika 
Mårtensson and Roberto Crocetti, and the reference group, Hans-Ola Öhrström (Trafikverket), Fredrik 
Carlsson (Trafikverket), Karl Lundstedt (Skanska), Morgan Johansson (Norconsult), Sven 
Thelandersson (LTH), Johan Kölfors (Scanscot). 
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Sammanfattning 
Denna rapport sammanfattar kortfattat de resultat som erhölls i forskningsprojektet “Utvärdering, 
hantering och modellering av tvångskrafter i betongbroar”. Inom projektet togs ett förslag fram för 
hantering av det temperaturlastfall som beskriver skillnader i temperatur mellan olika konstruktionsdelar 
(avsnitt 6.1.6 i Eurokod 1-5 [10]) för plattrambroar i Sverige. Även sprickvidden då tvångseffekter 
orsakar uppsprickning undersöktes, och det visades att sprickvidden är svår att uppskatta utan att ta 
hänsyn till den spänningsminskning som sker vid uppsprickning. Hur detta kan tas hänsyn till vid 
dimensionering av plattrambroar är emellertid inte till fullo utrett på grund av problemets komplexitet 
och svårigheter att koppla spänningsminskningen till enskilda faktorer.  

Temperaturlastfall 

Det föreslagna temperaturlastfallet visas i figuren på nästa sida. Det beskriver två olika situationer: en 
situation när brobaneplattan är den varmaste konstruktionsdelen samtidigt som bottenplattan är kallast, 
och en situation när situationen är den omvända. I ramhörnen och i de nedre delarna av rambenen så är 
övergångszoner markerade, längs med vilka temperaturen varierar linjärt. Temperaturen antas vara 
konstant över tvärsnittshöjden på alla konstruktionsdelar i detta lastfall, då gradienter är beskrivna i 
andra temperaturlastfall i Eurokod 1-5 [10], som inte motsvarar avsnitt 6.1.6. Både karakteristiska och 
kvasipermanenta lastvärden ges. De karakteristiska är tänkta till att för de flesta fall användas för att 
kontrollera om uppsprickning sker över huvud taget, och de kvasipermanenta är huvudsakligen ämnade 
för sprickviddsberäkning. De angivna temperaturlastvärdena beskriver den relativa temperaturen, dvs 
skillnaden i temperatur mellan konstruktionsdelarna, och anger därmed inte temperaturen i absoluta tal. 
Temperaturlastfallet behöver i normala fall inte tas med i beräkningar i brottgränstillståndet, eftersom 
tvångsspänningarna minskar kraftigt när stora deformationer uppstår och när omfattande uppsprickning 
sker. Dessutom är de rörelser som konstruktionen eftersträvar på grund av lastfallet så pass små att de 
inte kan leda till brott i konstruktionen.  
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Lastfallet är ett allmänt lastfall som kan användas för de flesta plattrambroar i Sverige med traditionell 
utformning. Utöver detta lastfall har två specialfall studerats, för vilka temperaturskillnaderna kan 
minskas. Det gäller broar med minst 300 mm grus på brobaneplattan, vilket ofta gäller för järnvägsbroar, 
och slutna plattrambroar (dvs. broar med en gemensam bottenplatta som upplag för båda rambenen) 
med maximalt 200 mm asfalt på bottenplattan. För det första fallet kan temperaturskillnaden mellan 
brobaneplatta och ramben minskas, och för det andra fallet kan temperaturskillnaden mellan ramben och 
bottenplatta minskas. De lastvärden som föreslås för dessa konstruktionstyper visas i tabellerna nedan. 
För broar som uppfyller båda villkoren kan båda speciallastfallen användas samtidigt. 
Övergångszonerna definieras på samma sätt för specialfallen som för det allmänna lastfallet. Det finns 
även andra sorters specialfall som inte har undersökts i denna studie, exempelvis snedvinkliga 
plattrambroar och plattrambroar med välvda ramben. Emellertid förväntas inte temperaturskillnaderna 
mellan konstruktionsdelarna bli väsentligt annorlunda för dessa fall. Däremot kan tvångssituationen 
förändras.  
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Nedan illustreras de geometrier som specialfallen gäller för, och därunder ges lastvärdena i två tabeller, 
en för fallet då brobaneplattan är varmast och bottenplattan är kallast, och en för det omvända fallet. 

 

 

 

 

 

 

 

 

Temperaturlastvärden för fallet då brobaneplattan är varmast och bottenplattan är kallast: 

 Allmänt lastfall ≥300 mm grus på 
brobaneplattan 

Sluten plattrambro 
med ≤200 mm asfalt  
på bottenplattan 

Sluten plattrambro 
med ≤200 mm asfalt på 
bottenplattan och 
≥300 mm grus på 
brobaneplattan 

Karakteristisk temperatur, 
brobaneplatta 

+15°C  +10°C  +15°C  +10°C  

Kvasipermanent 
temperatur, brobaneplatta 

+4°C  +2°C  +4°C  +2°C  

Karakteristisk temperatur, 
bottenplatta 

-27°C  -27°C  -10°C  -10°C  

Kvasipermanent 
temperatur, bottenplatta 

-7°C  -7°C  -2°C  -2°C  

 

Temperaturlastvärden för fallet då brobaneplattan är kallast och bottenplattan är varmast: 

 Allmänt lastfall ≥300 mm grus på 
brobaneplattan 

Sluten plattrambro 
med ≤200 mm asfalt  
på bottenplattan 

Sluten plattrambro 
med ≤200 mm asfalt på 
bottenplattan och 
≥300 mm grus på 
brobaneplattan 

Karakteristisk temperatur, 
brobaneplatta 

-15°C  -10°C  -15°C  -10°C  

Kvasipermanent 
temperatur, brobaneplatta 

-4°C  -2°C  -4°C  -2°C  

Karakteristisk temperatur, 
bottenplatta 

+27°C  +27°C  +10°C  +10°C  

Kvasipermanent 
temperatur, bottenplatta 

+7°C  +7°C  +2°C  +2°C  

 

Tvångssprickor 

Temperaturrörelser och krympning ger upphov till tvångskrafter i konstruktioner som är förhindrade 
från att röra sig. I fallet då olika konstruktionsdelar av en plattrambro har olika temperatur eller har 
utvecklat olika mycket krympning, exempelvis för att de gjöts vid olika tidpunkter, så kommer 
konstruktionsdelarna sträva efter att ha olika längd i brons breddriktning. Eftersom konstruktionsdelarna 
är fast inspända i varandra kommer de att begränsa varandras möjligheter till rörelser, vilket ger upphov 
till tvångskrafter. Tvångskrafternas storlek beror på konstruktionsdelarnas styvhet, vilket innebär att då 
uppsprickning sker och styvheten minskar, så minskar även tvångskrafterna. Vid dimensionering 
baserad på exempelvis FE-modell med linjärelastisk materialmodell och sprickviddsberäkning enligt 
avsnitt 7.3.4 i Eurokod 2-1-1 [11] tas ingen hänsyn till denna styvhetsminskning. Detta innebär att 
metodiken överskattar sprickvidden ifall den orsakats av tvångseffekter.  

≥  300 mm 
Grus 

≤  200 mm Asfalt 

Sluten plattrambro 

Specialfall 1: ≥300 mm grus på brobaneplattan. 
Minskad temperaturskillnad mellan brobaneplatta 
och ramben 

Specialfall 2: Sluten plattrambro och ≤200 mm 
asfalt på bottenplattan. Minskad 
temperaturskillnad mellan ramben och bottenplatta 
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Forskningsstudien som denna rapport baseras på har visat att signifikanta tvångseffekter på grund av 
skillnader i temperatur och krympning mellan konstruktionsdelar endast uppstår i plattrambroars 
breddriktning. Det är osannolikt att de undersökta lasterna ger uppsprickning i brobaneplattan, sprickor 
kan däremot uppstå både i överkant och underkant av rambenen. De största sprickorna väntas 
uppkomma i rambenens underkant, där dragspänningar kan uppstå av den kombinerade effekten av 
temperaturlastfallet och en skillnad i krympning på grund av att bottenplattan gjutits före ramben och 
brobaneplatta. Uppsprickning i bottenplattorna har inte undersökts i studien, men förväntas bli mindre 
allvarlig än i rambenen, då en eventuell skillnad i krympning ger tryckspänningar i bottenplattorna. 
Observera att dessa resultat endast är giltiga för situationer där byggnationen gjorts i två gjutetapper, 
med olika tidpunkter för gjutning av bottenplattor och ramben samt brobaneplatta. Skillnaden i 
krympning orsakad av ett kortare gjutuppehåll mellan gjutning av ramben och brobaneplatta anses vara 
försumbar. 

De sprickvidder som erhölls med olinjära FE-analyser med de allmänna temperaturlastfallet och skillnad 
i krympning mellan ramben och bottenplatta blev mindre än motsvarande sprickor när linjärelastisk 
beräkning kompletterad med sprickviddsberäkningar enligt Eurokod 2-1-1. Det visade sig också att 
armeringsmängden hade en mindre inverkan på sprickvidden i de olinjära beräkningarna än vad som 
ges i uttrycken i Eurokod 2-1-1. Därmed är en ökning av armeringsmängden inte ett lika effektivt sätt 
att minska sprickvidder vid tvångssituationer som då uppsprickning orsakats av yttre laster. Det är 
istället mer effektivt att reducera tvånget genom exempelvis ändrad konstruktiv utformning. 

Vid dimensionering av broar är det av praktiska skäl inte lämpligt att göra den typen av olinjära FE-
analyser som användes i forskningsprojektet. Att ta fram en metodik för hur tvångssprickors bredd kan 
beräknas vid dimensionering visade sig vara komplext då det inte går att på ett enkelt sätt koppla nivån 
av uppsprickning till enskilda faktorer. Två tänkbara vidare strategier är att (1) justera den sprickvidd 
som fås med linjärelastisk finita-elementmodell och sprickviddsberäkning enligt Eurokod 2-1-1 med ett 
matematiskt uttryck, eller att (2) hantera sprickor på grund av tvång i brons tvärriktning i en separat 
analytisk beräkning. Hur dessa strategier skulle se ut är emellertid en fråga för fortsatt forskning.  
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1. Introduction 
Thermal actions and shrinkage lead to a desire for movements in structures. If these movements are 
prevented by e.g. adjacent structures or structural parts or, in the case of shrinkage, by the reinforcement, 
stresses will form in the structure. Such stresses are called restraint stresses, as they are caused by the 
structure being restrained from adjusting its shape. In a portal frame bridge consisting of a slab, 
abutments and foundations, the concrete structural parts are rigidly connected, which means that 
adjacent parts can impose movements on each other, especially along the rigid connections, i.e. in the 
transverse direction of the bridge.  

The magnitude of restraint stresses depends on the magnitude of the restrained strain, but also on the 
stiffness of the structure. When reinforced concrete cross sections crack, the stiffness is reduced, which 
thus in turn reduces the restraint forces. This is beneficial in a design perspective as the crack width will 
be smaller than it would have been otherwise. However, as the restraint is reduced for every new crack 
in a non-uniform way, the final number of cracks is very hard to determine beforehand, and thus also 
the magnitude of the stress reduction. In Sweden, there is no common methodology for considering the 
effect of cracking on the restraint effects in the design of bridges. Some designers might disregard it 
completely, which leads to an overestimation of the restraint forces, while others may assume that the 
stabilized crack pattern is reached, which risks underestimating the restraint forces.  

Another uncertainty is the load values for the thermal actions and shrinkage used in design. In this 
project, a suggestion of a national adaptation of the thermal load case in section 6.1.6 in Eurocode 1-5 
[10] is given, for use in design of portal frame bridges. The Eurocode load case describes differences in 
temperature between structural parts of bridges. It is stated in the load case that a temperature difference 
of 15°C should be applied between “main structural elements” of bridges. According to Section 2 of the 
same document, the given 15°C load value can be assumed to be a characteristic value. However, the 
load case does not describe how the temperature varies spatially within the structural parts. It is also 
unclear what “main structural elements” correspond to in different bridge types. The load case is 
exemplifying these elements as “e.g. tie and arch” which is also an unclear formulation. However, as 
there are no ties and arches in portal frame bridges, there is reason to believe that the load case was 
developed with other bridge types in mind. 

When the Eurocode load case is used in design of portal frame bridges, it can cause large stresses in the 
transversal direction. This issue is most common in crack width limitation, which is made in the 
serviceability limit state using quasi-permanent load values. Such results were not obtained when 2D-
frame design models were used, as the effect of the load case in the transversal direction was disregarded 
with such a model. As this change in prescribed reinforcement was an effect of the change in design 
procedures, it has been questioned whether the increased reinforcement amounts arising from the use of 
3D-design models are reasonable. 

This document presents a suggestion of a Swedish national choice for the load case 6.1.6 in Eurocode 
1-5 [10] for design of portal frame bridges, see Chapter 2. It also gives more background information to 
the results, which is presented in Chapter 3. In Chapter 4, a summary of the results found on crack widths 
when cracking is caused by restraint effects is given. These results indicate that the conventional design 
approach overestimates the required reinforcement when cracking is caused by restraint, but no simple 
ways to consider this effect while still using linear elastic design models were found.  
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2. Suggested Swedish adaptation of thermal load case 
In this chapter, the suggested Swedish national adaptation of the thermal load case in section 6.1.6 in 
Eucocode 1-5 [10] is presented. The national adaptation is constituted of one general load case for portal 
frame bridges presented in Section 2.1, and two special load cases presented in Section 2.2, which can 
be applied to portal frame bridges with certain geometries. The thermal load cases are based on a 
traditional geometry for portal frame bridges, with foundations, abutments, wing walls and bridge decks 
as illustrated in Figure 1.  

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 1. Fundamental geometry of a portal frame bridge, with structural parts marked.  

 

2.1. Thermal actions in Eurocode 
Thermal actions are presented in Eurocode 1-5 [10], and for bridges, several different types of thermal 
load cases are presented in Section 6 of the document. Section 6.1.3 describes the calculation of uniform 
thermal actions for bridges, which are determined considering the bridge type and location. The 
calculation of temperature gradients over the bridge deck are presented in Section 6.1.4. These values 
are calculated considering the type of bridge deck as well as of the type of pavement being placed on 
the bridge. Either a linear or a bi-linear gradient can be determined. Section 6.1.5 describes how the 
uniform thermal action and the gradient over the bridge deck can be combined, by reducing one of the 
two types of actions by multiplication with factors equaling either 0.35 or 0.75.  

Section 6.1.6 describes the load case which was investigated within this study, i.e. temperature 
differences between structural parts of bridges. These thermal effects should be combined with the 
uniform load case, although since the effects in the transverse direction for the uniform load case is 
limited, it can be reasonable to assume that the load case presented here have the main influence on the 
results. Finally, section 6.2 of Eurocode 1-5 considers gradients over the cross-sectional height of bridge 
piers. To the author’s knowledge, this load case is often not considered in design of portal frame bridges 
in Sweden. 

The thermal load case describing differences in temperature between structural parts must be included 
in the serviceability limit state (SLS). However, it normally does not need to be included in the ultimate 
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limit state (ULS). The reason for this is that it causes a desire for movements, but that these movements 
can be expected to occur before failure is reached due to concrete cracking and reinforcement yielding. 
Consequently, it does not contribute to cause failure in structures in ULS. Shrinkage differences between 
structural parts should be included in SLS but can normally be omitted in ULS for the same reason. 

2.2. General load case 
The general load case is presented in Figure 2, and was developed using the methodology presented in 
Chapter 3. The general load case describes both the situation where the bridge deck is the warmest 
structural part and the foundation is the coldest, and the opposite case, when the bridge deck is coldest 
and the foundation is warmest. The temperature in the abutments and the wing walls is zero in both 
cases, while one of the two other structural parts shown is warmer while the other is colder. As the load 
case describes temperature differences, only the relative temperatures of the structural parts are of 
interest. The temperature in the abutment has therefore been set to 0°C, to make the temperature 
differences easier to read. 

According to the general load case, the temperature changes linearly along the transition zones in the 
bottom of the abutments and in the corner regions. The length of these transition zones are given in 
Figure 2. Including these transition zones in design reduces the transversal tensile stresses caused by the 
load case, and also makes the largest stress values appear at more realistic locations in the structure.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 2.  The general thermal load case suggested to be used in design of portal frame bridges. The figure only shows the relative 
temperature of the parts, and not the temperature in absolute numbers. 
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Some comments regarding the use of the general load case are given below:  

• Both the case when the bridge deck is warm and the foundation is cold, and the case when the 
bridge deck is cold and the foundation is warm, shall be included in design.  

• The characteristic load values can be used to determine whether cracking needs to be accounted 
for in SLS and, consequently, if crack widths need to be checked at all. 

• The quasi-permanent load values are meant to be used in e.g. crack width calculation. 
• The general load case defines the structural parts in the cross section as bridge deck, abutment 

and foundation. The load case is not developed for any other division of structural parts. 
• The length of the transition zones in the frame corner is independent of cross-sectional thickness 

and haunches in the upper corners of the bridge.  
• The length of the transition zone in the bottom of the abutment is only dependent on the level 

of the ground surface below the bridge, and has been shown to be independent of the cross-
sectional height of the abutment.  

• The general load case is developed for the case with asphalt paving on the bridge deck, but can 
also be applied for the case with concrete paving or gravel. Using these other paving materials 
are likely to reduce the temperature difference between bridge deck and abutment due to the 
lower absorptivity of the materials and/or the larger thicknesses. A special load case with 
reduced load values was developed for portal frame bridges with at least 300 mm gravel on the 
bridge deck, see Section 2.2.  

• The temperature difference between abutment and foundation given in the general load case can 
be used regardless of foundation depth, and can be considered a worst case scenario. However, 
the actual temperature difference between abutment and foundation varies with the depth of the 
foundation and also with its horizontal position. Accordingly, an extension of the foundation in 
horizontal direction underneath the bridge deck reduces the temperature differences. A special 
load case with reduced load values was developed for portal frame bridges with single 
foundations, see Section 2.2. 

2.3. Special load cases 
In two special load cases, which can be used for certain portal frame bridges, the load values given in 
the general load case are reduced. The first special load case regards bridges with at least 300 mm gravel 
placed on the bridge deck, thus often applicable for railway bridges. For this situation, the temperature 
difference between bridge deck and abutment can be reduced, see Figure 3a.  

The second load case regards portal frame bridges with a single foundation for both supports (in Swedish 
called “sluten plattrambro”), for which the foundation is only covered by an asphalt paving with a 
thickness of no more than 200 mm, see Figure 3b. 

 

 

 

 

 

 

(a)    (b) 

Figure 3. Illustrations of geometries where the special load cases regarding gravel covered bridges (a) and single foundation 
bridges (b) are applicable. 
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Compared to the general load case described in section 2.1, only the load values are changed in the 
special load cases, i.e. the transition zones are defined the same way as in the general load case. The 
load values are also presented in the same way, with 0°C in the abutment and wing walls, while one of 
the other structural parts is warmer and the other is colder. Both the case when the bridge deck is the 
warmest part and the case when the bridge deck is the coldest part should be included in design, just as 
for the general load case. The cases are presented in Table 1 and 2. For a bridge which fulfills the 
conditions of both special cases, the reduced load values can be combined. 

There are also other types of special cases which have not been investigated in this study, e.g. skewed 
portal frame bridges and portal frame bridges with cambered abutments. However, the temperature 
differences between the structural parts are not expected to become significantly different for these 
cases. The restraint stresses can on the other hand develop differently.  

Table 1. Thermal load values for the load case with the bridge deck being the warmest structural part. 

 General load case ≥300 mm gravel on the 
bridge deck 

Single foundation  
with ≤200 mm asphalt 
on the foundation 

Single foundation with 
≤200 mm asphalt on 
the foundation and 
≥300 mm gravel on the 
bridge deck 

Characteristic 
temperature, bridge deck 

+15°C  +10°C  +15°C  +10°C  

Quasi-permanent 
temperature, bridge deck 

+4°C  +2°C  +4°C  +2°C  

Characteristic 
temperature, foundation 

-27°C  -27°C  -10°C  -10°C  

Quasi-permanent 
temperature, foundation 

-7°C  -7°C  -2°C  -2°C  

 

Table 2. Thermal load values for the load case with the bridge deck being the coldest structural part. 

 General load case ≥300 mm gravel on the 
bridge deck 

Single foundation  
with ≤200 mm asphalt 
on the foundation 

Single foundation with 
≤200 mm asphalt on 
the foundation and 
≥300 mm gravel on the 
bridge deck 

Characteristic 
temperature, bridge deck 

-15°C  -10°C  -15°C  -10°C  

Quasi-permanent 
temperature, bridge deck 

-4°C  -2°C  -4°C  -2°C  

Characteristic 
temperature, foundation 

+27°C  +27°C  +10°C  +10°C  

Quasi-permanent 
temperature, foundation 

+7°C  +7°C  +2°C  +2°C  

 

2.4. Summary 
In this chapter, an adaptation of the load case for temperature differences between structural parts 
(section 6.1.6 in Eurocode [10]) is presented. The load case developed to be used in design of portal 
frame bridges in Sweden. Both characteristic and quasi-permanent load values are presented, as 
characteristic values can be used to investigate whether cracking is likely in SLS, and quasi-permanent 
values are meant to be used in crack width calculations. The load case consists of one general load case, 
which can be used for portal frame bridges in general, and two special load cases developed for special 
types of portal frame bridges, for which the load values can be reduced.   
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3. Background information to the suggested thermal load cases 
 

3.1. Temperature simulations 
The thermal load cases presented in Chapter 2 are based on thermal simulations using weather data. A 
model for simulating temperature in a concrete slab surrounded by air, initially presented by Larsson 
[12], was used, and extended into a model of a portal frame bridge cross section with adjacent soil and 
fill [2]. The model was thereafter verified by measuring temperature in 12 locations in a portal frame 
bridge cross section, and using the analysis model for simulating the temperature during the same period 
of time. The comparison showed that the analysis model can be used to estimate the difference in 
temperature between bridge deck and abutment in portal frame bridges, the difference between measured 
and simulated value being up to 1.5°C at a given point in time, while the average difference over time 
being close to zero. For this reason, a safety margin of 1.5°C was recommended when determining 
extreme values (e.g. characteristic values), and no safety margin was recommended when determining 
time average values (e.g. quasi-permanent values) [3]. The safety margin is thus included in the 
characteristic load values presented in Tables 1 and 2. 

After the model was verified for simulation of temperature in portal frame bridges for Swedish climate, 
a parametric study was carried out to investigate how various geometrical parameters affected the 
temperature difference. The parametric study was done using weather data from a time period during 
summer and another time period during winter. It was found that a relatively small bridge, with thin 
structural parts was most prone to large temperature differences. For this reason, this type of bridge was 
used in the continued studies. Further, the portal frame bridge was divided into structural parts and 
transition zones, as was shown in Figure 2. The temperature differences were defined as the difference 
in mean temperature between the defined structural parts. The transition zones were thereby not included 
in the structural parts in this aspect, as that would risk underestimating the temperature difference. 
Thereafter, eight data series available from SMHI with all necessary weather data (air temperature, wind 
speed, solar radiation and long-wave radiation) from a time period of at least ten years were used in the 
simulation model, in order to calculate the hourly temperature difference. The locations and time periods 
of the data series are shown in Table 3.  

Table 3. SMHI weather data series used in thermal simulations. 

Location Data period  No. of years 
Tarfala 2008 – 2017 10 
Kiruna 2008 – 2017 10 
Luleå 1988 – 1997 10 
Svenska Högarna 2008 – 2017 10 
Stockholm 1986 – 1997 12 
Norrköping 2008 – 2017 10 
Visby 2008 – 2017 10 
Lund 1983 – 1999 16 

 

3.2. General conclusions from temperature simulations 
An example of how the temperature difference between the structural parts may look like is given in 
Figure 4, which shows the temperature difference between bridge deck and abutment, and abutment and 
foundation, for the entire simulation with data from Norrköping. Positive values indicate that the bridge 
deck is warmer than the abutment, or that the abutment is warmer than the foundation. Negative values 
indicate the opposite situations. Several conclusions can be drawn from the figure, such as:  

• In summer, the bridge deck is generally warmer than the abutment, and the abutment is 
warmer than the foundations. In winter, the abutment is instead warmer than the bridge 
deck, and the foundation is warmer than the abutment.  
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• During spring and fall, the temperature differences between the structural parts are less 
extreme, as they are transitioning from one of the situations mentioned above into the 
other.  

• The temperature differences are generally larger between the abutment and foundation 
than between the abutment and bridge deck, for the geometry used in the analyses. 

• The temperature difference fluctuates less in the abutment-foundation case, as the 
temperature of these parts changes more slowly over time than in the bridge deck.  

 

 

 

 

 

 

 

 

 

Figure 4. Temperature difference between bridge deck and abutment (left) and abutment and foundation (right) using weather 
data from Norrköping from the period 2008-2017. 

3.3. Determination of load values 
Using the results shown in Figure 4 and the corresponding results from the other locations, characteristic 
and quasi-permanent load values were determined. The fact that positive and negative values in Figure 4 
cause tensile stresses in different parts of the bridge (i.e. in the colder part) means that the quasi-
permanent load value cannot be determined as just the mean value over time. If the mean or average 
value was used, as is suggested as the definition of quasi-permanent loads for e.g. live loads in buildings, 
the obtained load value would either be positive or negative. This would in turn mean that the other 
situation is completely disregarded. In order not to underestimate the long-term effects of the load, it 
was instead chosen to divide each temperature difference (deck-abutment and abutment-foundation) into 
two cases, one for positive values and one for negative. When determining positive quasi-permanent 
load values, mean values of the positive values during the periods from April to September were used, 
and when determining negative values, mean values of the negative values during the periods from 
October to March were used.  

The characteristic values determined shall correspond to values with a reference period of 50 years. In 
order to derive such values from data series with 10 to 16 years of data, the data series were divided into 
reference periods. The largest (or smallest) value of each reference period, i.e. the extreme values, were 
listed, and a general extreme value distribution function was thereafter fitted to the extreme values. The 
load value corresponding to the 50-year load was thereafter determined from the function. 3-day 
reference periods from half of each year only (the half where the load is dominating, the same periods 
as used for the quasi-permanent load) were chosen, although other periods were tested. The development 
of the load values is described in more detail in [4].  

The resulting quasi-permanent and characteristic load values for the data series used are shown in 
Tables 4 and 5, respectively. From these tables, the largest values for each situation have been chosen 
to constitute the load case. Also, the same value is used for positive and negative temperature 
differences, for simplicity.  
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Table 4. Quasi-permanent load values for each data series. 

Data series Quasi-permanent temperature 
difference, deck – abutment 

Quasi-permanent temperature 
difference, abutment – foundation 

Positive Negative Positive Negative 
Value 
[ºC] 

Value 
[ºC] 

Value 
[ºC] 

Value 
[ºC] 

Tarfala  
2008-2017 

3.5 -1.4 5.0 -4.1 

Kiruna  
2008-2017 

3.3 -1.8 6.1 -5.2 

Luleå  
1983-1997 

3.4 -1.8 6.5 -4.6 

Svenska Högarna  
2008-2017 

2.7 -0.8 4.8 -3.8 

Stockholm  
1983-1997 

3.3 -1.3 5.9 -3.8 

Norrköping 
2008-2017 

4.0 -1.1 5.1 -4.3 

Visby  
2008-2017 

3.1 -0.8 4.9 -3.9 

Lund 
1984-1999 

3.4 -1.0 5.3 -3.3 

 

Table 5. Characteristic load values for each data series. 

Data series Characteristic temperature difference 
[°C], deck – abutment 

Characteristic temperature difference 
[°C], abutment – foundation 

Positive Negative Positive Negative 
Tarfala  
2008-2017 

13.5 -9.7 15.1 -16.7 

Kiruna  
2008-2017 

14.0 -13.7 18.5 -25.0 

Luleå  
1988-1997 

12.0 -12.0 17.3 -26.7 

Svenska Högarna  
2008-2017 

11.4 -6.1 14.6 -15.8 

Stockholm  
1986-1997 

13.0 -10.5 16.8 -21.7 

Norrköping 
2008-2017 

14.1 -11.2 15.4 -21.8 

Visby  
2008-2017 

11.8 -7.5 15.4 -17.5 

Lund  
1984-1999 

14.7 -9.5 14.9 -17.5 

 

3.4. Dependency of result on air temperature 
As can be seen in Tables 4 and 5, the obtained load values varied between the different locations. This 
could be considered in a future development of regional load values for the load case. As data from more 
locations are required in order to develop regional load values, and as all available data series of at least 
10 years of length have been used in this study, calculated values of solar-and long wave radiation could 
instead be used, as investigated in [13]. However, it was also found that the results obtained in this study 
for the positive and negative temperature difference between abutment and foundation correlate with 
the difference in mean air temperature between July and January. This is shown for quasi-permanent 
load values in Figure 5. Correspondingly, the negative temperature difference between bridge deck and 
abutment correlates with the temperature fluctuations during January, when this load is generally most 
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active. This is illustrated for the case with quasi-permanent load values in Figure 6, where the negative 
temperature difference is plotted against the difference between the maximum and minimum 
temperature during January, calculated as the mean value for the years of data included in the study. 
However, the positive temperature difference between bridge deck and abutment did however not seem 
to correlate with the air temperature fluctuations in July, or any other easily calculated temperature 
variation. This is possibly explained by the solar radiation having a large influence on this result.  

 

 

 

 

 

 
 
 

 

Figure 5. Relation between seasonal temperature variations and the quasi-permanent load value for temperature differences 
between abutment and foundation.  

 

 

 

 

 

 

 
 
 

Figure 6. Relation between the characteristic load value for negative temperature difference between bridge deck and abutment, 
and temperature variations during the month when the load is largest. 

 

3.5. Transition zones 
The length of the transition zones in the suggested load case is motivated by analyses of the temperature 
variation along the system line of the structure. Further, additional thermal simulations were carried out 
in which the geometry was varied. These analyses were made with shorter periods of weather data, 
which had been shown to cause large temperature differences in the original structural model. An 
example of results from these analyses is given in Figure 7, showing results from when the cross-
sectional thickness of bridge deck and abutment was varied, for analyses with data series causing large 
positive and negative temperature differences, respectively. The horizontal axis shows the distance along 
the system line, from mid-span to the end of the foundation. The figure also illustrates the areas (in dark 
grey) included in the “structural parts” when calculating their respective mean temperatures. The 
transition zones used in the design model are between points B and D, and E and G, respectively. 
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Figure 7. Temperature along the system line when the cross-sectional thicknesses of bridge deck and abutment were varied. 

Figure 7 shows that the changes in temperature occur more or less along the same distance, i.e. within 
the transition zones, regardless of the cross-sectional thickness. There is however a difference in the 
actual transition length in the corner region depending on which part is warmer. When the bridge deck 
is warmer, the temperature change occurs mainly between points C and D, and when the bridge deck is 
cold, it occurs mainly between B and C. However, this difference is neglected in the load case 
formulation. The influence of the depth of the foundation (which affects the position of the level “E” in 
the figures) has also been investigated, as well as the effect of the tapering of the frame corner. Results 
from these comparisons are shown in Figures 8 and 9.  

As the location of level E is varied in Figure 8, the figure shows five different lines for E, each 
corresponding to one analysis. Considering this difference in transition zone length, the analyses were 
considered to confirm the chosen division of structural parts. The variation of tapering shown in Figure 
8 was considered to have a negligible influence on the temperature variation along the system line. 

 

 

 

 

 

 

 

 

 

Figure 8. Temperature along the system line when the foundation depth was varied. The legends indicate the length of the 
transition zone between abutment and foundation, i.e. the distance between E and G.  
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Figure 9. Temperature along the system line when the size of the tapering in the frame corner was varied. The tapering did not 
affect the position of the system line chosen in the illustration.  
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4. Crack widths due to restraint effects 
This section presents findings regarding the widths of cracks for a quasi-permanent load combination, 
when cracking is caused by restraint effects. Only portal frame bridges subjected to self-weight, a 
difference in shrinkage between the foundations and the rest of the structure due to casting of the bridge 
in stages, and the general thermal load case presented in Section 2.2, were investigated. The shrinkage 
and thermal action are however the only loads which causes major tensile stresses in the transverse 
direction of the bridge. Horizontal soil pressure on the wing walls can also cause tensile stresses in the 
transverse direction, but the resulting stresses due to the at-rest earth pressure become relatively small. 
The earth pressure would however be larger in the case of a uniform temperature reduction, but this was 
not investigated in the present study.  

The reason for investigating crack widths due to the thermal load case and differences in shrinkage is 
that the cracking response due to restraint effects is fundamentally different from cracking due to 
external loading. This is explained briefly in Section 4.2. The main conclusions of the study are 
summarized in Section 4.1.  

 

4.1. Main conclusions 
The main conclusions from the analyses of cracking in portal frame bridges are listed below. The listed 
conclusions are only valid for portal frame bridges subjected to differences in shrinkage between 
foundation and abutment due to casting of the bridge in stages, and the thermal load case presented in 
Section 2.  

• Significant restraint effects only occur in the transverse direction. Therefore, the load cases only 
affect the reinforcement requirements in the transversal direction. 

• Cracking in the bridge deck is unlikely to occur for the investigated load effects. 
• Cracks might form in the top of the abutment. These cracks could become wider than the limit 

values given in [14], especially if the cross-sectional height of the abutment is smaller of that of 
the bridge deck. 

• The largest cracks in the study were found in the bottom of the abutment, as the thermal action 
and shrinkage difference both causes tensile stresses to form in this area.  

• Cracking in the foundation was not investigated, as the shape of the foundation can vary 
significantly, making it difficult to draw general conclusions. However, cracking will be less 
severe than in the lower part of the abutment, as a difference in shrinkage will cause compressive 
stresses in the foundation. 

• The resulting crack widths were smaller than corresponding crack widths calculated without 
considering the reduction of stiffness due to cracking. The corresponding calculations were 
performed by running an FE-analysis with a linear elastic material model for concrete, and 
thereafter calculating crack widths using the section forces in the analysis in the expressions for 
crack width calculation in Section 7.3.4 of Eurocode 2-1-1 [11]. This is considered to be a 
common design approach today. 

• The amount of reinforcement has a smaller impact on the crack widths in the investigated 
restraint cases than what is suggested in the equations in Section 7.3.4 of Eurocode 2-1-1 [11]. 
It could therefore be more effective to reconsider the geometry rather than to add extra 
reinforcement in bridges in which large restraint effects can be expected. 

• In order to consider restraint effects more accurately in design, more research is needed. Two 
possible approaches to finding a design methodology can be suggested. The first approach is to 
find a mathematical expression between the results of non-linear FE-analyses and the results 
obtained by using linear elastic FE-analyses and calculating the crack widths according to 
Section 7.3.4 in Eurocode 2-1-1. The mathematical expression could then be used in 

SBUF rapport 13615 Bilaga B



20 
 

combination with the linear elastic design method and the same crack width calculations in order 
to account for the restraint effect. The second approach is to consider cracking due to the 
investigated restraint effects separately, and formulate a calculation methodology e.g. based on 
the theory for end restrained elements presented in Section 4.2 of this report. 

 

4.2. Background – cracking due to restraint effects 
Restraint stresses are stresses which appear when a structural element is prevented from obtaining its 
desired shape and volume. As shrinkage and thermal actions cause a desire to change the shape and 
volume, these actions will cause restraint stresses if the desired movements are prevented. 

In order to illustrate the behavior of restrained structural parts, a reinforced concrete bar which is 
restrained from movements in both of its ends is studied when subjected to a decrease in temperature. If 
the bar is uncracked, the stiffness EA is constant along it, and the magnitude of the restraint force equals 
the restrained strain multiplied by the cross-sectional stiffness EA, as shown in Equation (1). In the 
equation, F is the restraint force, 𝜀𝜀𝑅𝑅 is the restrained strain, E is Young’s modulus and A is the cross 
sectional area [15]. 

𝐹𝐹 = 𝜀𝜀𝑅𝑅𝐸𝐸𝐸𝐸                   (1) 

However, when the reinforced concrete bar cracks, the stiffness is significantly reduced in the cracked 
sections, where the stiffness EA is only constituted by the reinforcement. Cracking will thereby reduce 
the stiffness of a structure and thus also reduce the restraint forces. However, Equation (1) can only be 
used directly to calculate restraint forces if 𝜀𝜀𝑅𝑅, E and A are constant along the element, which is not the 
case if cracks have formed.  

The effect of cracking on the restraint force in end-restrained bars is illustrated in Figure 10. In the 
figure, the end restrained reinforced bar is subjected to a decrease in temperature, ΔT, which causes 
restraint stresses. Due to force compatibility, the tensile force F must be constant along the entire bar. 
The bar can therefore be considered as a system of springs connected in a series, for which the total 
elongation corresponds to the restrained elongation. The force caused by the elongation thereby 
corresponds to the restraint force. Before cracking occurs, the stiffness k is equal in all the springs, 
assuming they are corresponding to parts of the reinforced bar with equal lengths. The strain ε is thereby 
also equal in the springs. 

In the spring model in Figure 10, the first crack that forms causes a reduction of the stiffness of the 
spring in which the crack is situated. If the length of this spring corresponds to about half the total 
transmission length on both sides of the crack, the spring will now have a stiffness corresponding to the 
reinforcement bar only, while the stiffness of the other springs is unchanged. The formation of the crack 
does not affect the total elongation of the bar, as the total desired elongation due to the thermal action is 
unaffected by the cracking. However, the force in the element is reduced, as the stiffness of one of the 
springs is reduced. On the other hand, the strain, which was equal in the springs before cracking, is now 
increased in the weaker spring, and reduced in the other springs. This development is illustrated in Figure 
10 (b). The model presented here is a simplified version of the model used in [16]. 

 

 

 

 

 

(a)              (b) 

Figure 10. Illustration of a bar which is uncracked (a) or has one crack (b) with spring models of the bars shown below. 
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As restraint forces are reduced by cracking, the crack development phase will look different depending 
on whether restraint or non-restraint forces are acting on the structure. In order to illustrate this 
difference, another example of a reinforced concrete bar is shown, see Figure 11 (a). If the bar is 
subjected to a continuously increasing external load, the bar will go from uncracked to a stabilized crack 
pattern over a very small increase in loading, due to the small variations in concrete material properties 
along it, see Figure 11 (b). The elongation of the bar, ΔL, can be expressed as in Equation (2), which 
shows ΔL as a function of the force F, the length of the bar, L, and the average stiffness AE. As can be 
seen in the equation, the elongation is drastically increased for every new crack formed, as the stiffness 
of the bar is reduced. 

∆𝐿𝐿 = 𝐹𝐹𝐿𝐿 (𝐸𝐸𝐸𝐸)⁄                     (2) 

If instead the elongation is continuously increased, the load – elongation relation will look different, as 
shown in Figure 11 (c). When the stiffness decreases in this case due to the formation of a crack, the 
force must also decrease in order for the elongation to remain unchanged. As the elongation continues 
to increase, a new crack will form each time the tensile strength of the concrete is reached. 

The most important differences between the two cases illustrated in Figure 11 (b) and (c) are that in the 
restrained case, cracking reduces the stresses in the specimen, and that the development from one crack 
to the stabilized crack stage requires a significant increase in restraint. This difference in behavior is 
discussed in e.g. [15, 17-20]. The conclusion that a significant increase in restraint is required to reach 
the stabilized crack pattern after the first crack has formed means that it can normally not be assumed 
that a stabilized crack pattern is reached when restraint stresses are dominating. This implies that the 
stiffness, and therefore also the restraint stresses, are hard to predict in the specimen. 

 

 

 

 

 
 
(a)  (b)   (c) 

Figure 11. Comparison of load-deformation diagram of a reinforced concrete bar (a) subjected to a continuously increasing 
external load (b) or a continuously increasing elongation (c), corresponding to increasing restrained deformations. Figure after 
[15, 17-20]. 

Figure 12 shows the same load-elongation pattern as Figure 11 (c), but with the stiffness of the 
uncracked stage (stage I) and the stabilized crack stage (stage II) marked. The stage I stiffness is denoted 
EAI, and the stage II stiffness is denoted EAII. Figure 12 illustrates that if the stabilized crack pattern is 
not reached, the entire crack development process must be known in order to estimate the number of 
cracks and thereby the stiffness and stresses in the model. Using the stage I stiffness would in this case 
overestimate the stresses, while using the stage II stiffness would underestimate the stresses. This is 
illustrated by the forces FI and FII in Figure 12, which are estimations of the restraint force FR at the 
restrained elongation ΔLR, using stage I and II stiffnesses, respectively. The stage II stiffness can be 
estimated beforehand by considering the distance between cracks at the stabilized cracking stage. As the 
expressions for crack width in Section 7.3.4 of Eurocode 2-1-1 do not describe the reduction of restraint 
stresses due to cracking, there is no consideration of this stress reduction in the common design method. 
This implies that if the effects of cracking are not considered in another way during design, the resulting 
stresses from the calculations will correspond to FI in Figure 12, and thus risk being significantly 
exaggerated. 

For structures such as base restrained walls and portal frame bridges, the development of cracking due 
to restraint effects becomes more complicated, as the desired movements are prevented to different 
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extents in different parts of the structures. This is described by the degree of restraint, R, which is 
calculated as the restrained elongation divided by the total desired elongation. In a point where 
deformations are completely restrained, the degree of restraint thus equals one, and in a point where the 
structure can deform freely, the degree of restraint equals zero. The fundamental variation of degree of 
restraint in a base restrained wall and a portal frame bridge is illustrated in Figure 13.  

 

 

 

 

 

 

Figure 12. Load-deformation diagram of an end-restrained bar subjected to restraint effects. A restrained elongation ΔLR causes 
the restraint force FR. Estimating FR by using the state I stiffness EAI or by using state II stiffness EAII gives the inaccurate results 
FI or FII respectively. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 13. Variation of degree of restraint in a base restrained wall with a fully restrained bottom edge (top) and a portal frame 
bridge (bottom) in the width direction (transversal direction, see Figure 1) of the structures.  

EAII 

ΔL 

EAI 
F 

FI 

FR

 FII 

ΔLR 

1.0 
0.8 
0.6 
0.4 
0.2 
0.0 
0.2 
0.4 
0.6 
0.8 
1.0 

Degree of 
restraint 

−ΔT 

SBUF rapport 13615 Bilaga B



23 
 

4.2.1. Influence of creep 
Creep describes the increase in deformations that occur over time when structures are subjected to long-
term loading. If a structure is subjected to restraint effects, creep will instead lead to a gradual decrease 
of stresses in the structure. In design calculations, creep effects are often considered as a reduction of 
Young’s modulus, as shown in Equation (3), where Ec is the initial Young’s modulus, 𝜙𝜙 is the creep 
coefficient and Ec,eff is Young’s modulus with consideration taken to creep effects. The development of 
creep over time is thereby disregarded in the calculations, and the final deformation (or the stress value, 
in restraint situations) is instead determined directly from the load effect (or the imposed strain, in the 
case of restraint) [21]. 

𝐸𝐸𝑐𝑐,𝑒𝑒𝑒𝑒𝑒𝑒 = 𝐸𝐸𝑐𝑐
1+𝜙𝜙

                    (3) 

Considering the final creep value this way in serviceability limit state often corresponds to a worst case 
scenario in non-restraint cases, as it leads to larger deformations in the structure. However, this is not 
the case regarding restraint effects.  

As cracking occurs for a certain stress value in the concrete, the assumption of the final creep value 
having developed means that a larger restrained strain is required in order to cause cracking. If this is 
the case, the larger strain will cause a larger stress in the reinforcement before cracking occurs, which 
means that the cross-sectional force required to cause cracking increases. This in turn leads to an increase 
of crack widths. This is illustrated in Figure 14, which shows the restraint force and crack widths in a 
reinforced concrete bar subjected to tension for different creep coefficients. The bar is made of concrete 
class C30, has a length of 2 m and a cross-sectional area of 0.1x0.1 m2, and is reinforced with one 
reinforcement bar with a diameter of 16 mm. 

 
 
 

 

 

 

 

 

 

 

    (a)                          (b) 

Figure 14. Diagram showing the restraint force (a) and the crack width (b) ina reinforced concrete bar as a function of the 
temperature decrease, for four different values of creep. 

However, in linear elastic design models, the reinforcement is generally omitted, as the required amount 
of reinforcement is to be decided. Omitting the reinforcement means that the increase in force and thus 
crack widths is not captured when creep is considered as a reduction of Young’s modulus according to 
Equation (3). Such an analysis can thus capture the restraint effect required for cracking correctly, 
assuming the creep coefficient is correct and cracking does not occur before the creep has developed, 
but will underestimate the resulting crack widths. Also, subsequent cracking is delayed, as the reduction 
of the restraint force due to cracking is overestimated. This is illustrated in Figure 15, which shows the 
restraint force and crack widths for the cases with 𝜙𝜙=0, 𝜙𝜙=1 and estimating 𝜙𝜙=1 by halving the load 
effect in the model. The reduction of the load effect is in this case achieved by halving the coefficient 
of thermal expansion. This reduction of the load effect corresponds to halving the Young’s modulus (i.e. 
assigning 𝜙𝜙=1) in a linear elastic model which does not include reinforcement. 
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The effect of creep on reinforced concrete structures subjected to restraint effects is thus that cracking 
is delayed as the reduction of the Young’s modulus of concrete reduces the overall stiffness of the 
structure. However, if cracking occurs, fewer cracks will form, and the structure will experience a larger 
influence of the reinforcement, which leads to larger crack widths. This effect is not captured in the 
common design method, in which the reinforcement is not included in the FE-analysis. Also, assuming 
that the final creep value have developed before cracking occurs is on the unsafe side, thus possibly 
overestimating the restraint effect required for cracking. 

 

 

 
 

 

 

 

 

 

      (a)                            (b) 
Figure 15. Diagram showing the restraint force (a) and the crack width (b) in a reinforced concrete bar for different values of creep 
and different methods of considering creep in the model. 

 

4.3. Methodology – FE analyses 
Cracking due to restraint effects was investigated within the research project mainly by preforming FE-
analyses with a non-linear material model for concrete in tension, i.e. cracks could form in the analyses. 
The reinforcement was modeled as discrete bars, and a bond-slip relationship was used for concrete – 
reinforcement interaction. At first, cracking in base restrained walls was analyzed, and compared with 
full scale tests performed in [22, 23]. The results of the comparison are presented in [5], along with a 
more detailed description of the analysis model. Plane stress elements were used in the walls, and the 
foundations of the walls were also included in the structural models. Interface elements were placed 
between the walls and foundations, which described the stress-slip relation both along the edge and 
perpendicular to the edge in the vertical direction. The shear stiffness of the edge was based on 
expressions given in [24], while the vertical stiffness was based on the stiffness of 0.2 m long parts of 
the reinforcement bars connecting the structural parts. Interface elements were also used below the 
foundation, to describe the vertical deformation of the soil due to the self-weight combined with the 
curving of the foundations, which was caused by the thermal action and shrinkage acting on the walls. 
The interface elements had a vertical stiffness of 50 MN/m3 for downwards movements, while the 
stiffness was zero for movements upwards, as well as for horizontal expansion and contraction.  

After the verification of the model, the analysis model was developed further into a model of a portal 
frame bridge. In this model, the plane stress elements were replaced with curved shell elements. The 
loads included in the model were self-weight, a difference in shrinkage between foundation and 
abutment of 10-4, corresponding to the foundations being cast about 250 days prior to the casting of the 
rest of the bridge, and the general thermal load case presented in Figure 2. The thermal action was 
applied last, by adding the characteristic values in order to induce cracking, and thereafter reducing the 
load to its quasi-permanent value before crack widths were measured. Horizontal earth pressure on e.g. 
the wing walls could cause tensile stresses in the transverse direction of the abutment, but this earth 
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pressure was found to be small for the given thermal load case. The earth pressure would be larger when 
the bridge is subjected to a uniform reduction of temperature, which is not considered in this study. 
Therefore, horizontal earth pressure was omitted from the analyses. Other actions, which do not cause 
stresses in the transverse direction, were also omitted from the study. The self-weight and shrinkage 
were considered as permanent loads, i.e. they were applied before the thermal action and were not 
adjusted. Although quasi-permanent values were used, creep was not included in the analyses. The 
influence of creep is discussed in Section 4.2.1. 

4.3.1. Analysis results, cracking in the corner region 
FE-analyses using a linear-elastic material model for concrete showed that transversal tensile stresses in 
the bridge decks due to the investigated load cases can reach 1.75 MPa for the characteristic temperature 
difference, see Figure 16, but are unlikely to become much larger. The value was obtained for a bridge 
with a large width in relation to its height, as the bridge deck was 8 m in longitudinal direction, the 
height of the abutments was 6 m and the width of the bridge was 20 m. It should also be noted that the 
result was obtained when both the shrinkage difference and the temperature difference between 
abutment and foundation were neglected, as these load effects cause compressive stresses in the 
transversal direction in the bridge deck. The maximum tensile stress in the bridge deck did not increase 
significantly when the width of the bridge was doubled, for which reason the obtained stress is assumed 
to show that the tensile stress in the bridge deck will not supersede the characteristic tensile strength of 
the concrete, which is e.g. 2.5 MPa for concrete quality C40. In the analysis, the cross-sectional heights 
of bridge deck and abutment were the same. In real cases, the cross-sectional height of the bridge deck 
is usually either equal to that of the abutment or larger. In the case that the cross sectional height of the 
bridge deck is larger, the degree of restraint will decrease in the bridge deck and the resulting stresses 
will thus also decrease.  

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 16. Transverse tensile stresses at the middle of the cross-sectional height of a portal frame bridge subjected to the 
characteristic temperature difference between bridge deck and abutment shown in the bottom of Figure 2.  

The tensile stresses resulting from the general load case become larger in the top of the abutment than 
in the bridge deck. The reason for this is the way the structure deforms, and relates to the symmetry 
condition in the middle of the bridge span. Also, the tensile stresses in the top of the abutment are 
increased by the temperature difference between the abutment and the foundation.  
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The maximum tensile stress in the abutment obtained in the model was 3.0 MPa, which is lower than 
the mean tensile strength but higher than the characteristic tensile strength of e.g. concrete quality C40. 
For this reason, cracking was investigated using non-linear FE-modeling. However, as non-linear FE-
modeling is generally performed using mean values of material parameters in order to obtain the most 
accurate structural response, and as the mean strength of concrete C40 used in the analyses, 3.5 MPa, is 
higher than the actual load effect in this case, the load was multiplied with a factor 1.4, corresponding 
to the difference between mean and characteristic tensile concrete strength. This way, the structure will 
crack, and the load effects are unlikely to be underestimated. 

Figure 17 shows cracks in the top of the abutment in two walls with different widths. Minimum 
reinforcement according to Equation (7.1) in Eurocode 2-1-1 [11] with k calculated according to [14] 
was placed in the abutments, corresponding to φ16 cc 195 mm both horizontally and vertically and on 
both sides of the cross sectional system line. In the analysis of the 10 m wide bridge, only one crack 
appeared, which formed beside the symmetry line and reached a maximum width of 0.10 mm for the 
quasi-permanent load combination. The fracture energy of this row of elements was halved in order to 
account for the equal crack forming on the other side of the symmetry line. By halving the fracture 
energy, it was considered that the entire crack width was captured in the model. When the bridge was 
20 m wide, two cracks formed, one beside the symmetry line and the other about 3.7 m away from it. 
The maximum crack width was in this case 0.12 mm. 

 

 

 

 

 

 

 

 

 

Figure 17. Crack patterns and crack widths when cracking in the top edge of the abutment was investigated. Results are shown 
for the quasi-permanent load combination, after the thermal load has been reduced from its characteristic value. 

The characteristic crack width, which shall be compared with the demands on crack width limitation, 
was calculated as the mean crack width for the quasi-permanent temperature difference multiplied with 
1.3, according to [25]. In this case, the largest crack width in each wall multiplied with 1.3 renders crack 
widths of 0.13 mm and 0.16 mm, respectively. Choosing the maximum crack width from the analyses 
as the mean crack width to be multiplied with 1.3 means that a safety margin is added to the results, 
which thereby are conservative estimates. As crack width limitations are often 0.15 mm or 0.20 mm 
[14], it can be concluded that the load case combined with minimum reinforcement can lead to crack 
widths close to the limit of what is considered as being acceptable. 

It should be noted that if the bridge deck and abutment have different cross-sectional height, the part 
with smaller cross-sectional height experiences a larger degree of restraint. As abutments are in some 
cases made with smaller cross-sectional heights than bridge decks, especially in bridges with long spans, 
this likely increases the crack widths in the abutments. Also, for the investigated cases, the stress 
variations over the cross-sectional height were small, and the cracks forming in the analysis model were 
through cracks. The use of curved shell elements means that stress transfer in the direction of the cross-
sectional height is not modeled. This means that in the model, the entire cross-sectional height is 
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considered as the effective cross-sectional height. For the specific structural model investigated in this 
study, this had only a small impact on the result, as the cross-sectional height was 400 mm and the 
transverse reinforcement cover was 72 mm on both sides. 

In conclusion, it is likely that the bridge decks of portal frame bridges will not crack due to differences 
in temperature between the structural parts. The top part of the abutments may however do so, and the 
cracks might become wider than allowed, especially if the abutment cross-sectional height is smaller 
than that of the bridge deck. 

4.3.2. Analysis results, cracking in the lower part of the abutment 
The thermal action presented in Figure 2 (for the case when the foundation is warmer than the abutment) 
interacts with the difference in shrinkage in causing tensile stresses in the lower part of the abutment. 
Therefore, the largest cracks in the analyses were found in this area. The analyses made were focusing 
on investigating the effect of the reinforcement amount. Seven analyses were made using different cc-
distances for the reinforcement in both vertical and horizontal direction. Reinforcement with 16 mm 
diameter was used also in this case, and placed on both sides of the system line. The resulting maximum 
characteristic crack widths are shown in Figure 18, as a function of the cc-distance of the reinforcement. 
In a corresponding linear elastic analysis using quasi-permanent load values, the largest transverse 
tensile stress value was 2.7 MPa after being smoothed out according to [26]. The crack width calculated 
from this result using equations in section 7.3.4 in Eurocode 2-1-1 [11] is also shown in the figure as a 
function of the cc-distance. As can be seen in the figure, the difference in crack width between the results 
obtained using the conventional design method and the non-linear analyses increases with reduced 
reinforcement ratio.  

 

 

 

 

 

 

 

 

 

 

Figure 18. Characteristic crack widths according to non-linear analyses (stars) and crack widths calculated using Eurocode 2-1-
1 [11] and stresses from linear elastic analyses (line). 

Not only is the crack widths considered unacceptable when the minimum reinforcement amount is used. 
In fact, all the obtained maximum characteristic crack widths are larger than the strictest demand on 
crack widths in Swedish bridges, i.e. 0.15 mm [14]. Therefore, cracks which are unacceptably wide 
could form in Swedish portal frame bridges due to the investigated restraint effects.  

Figure 18 shows that the reinforcement amount does not influence the crack widths in restraint situations 
as strongly as in non-restraint situations. One reason for this is that when the reinforcement ratio is 
increased, the stiffness is also increased, which in turn increases the restraint and also the crack widths. 
Another possible explanation is that in this type of restraint situation, the restraining edge could be 
significantly limiting the widths of the cracks. This is suspected as the cracks cannot propagate over the 
edge between structural parts, due to the structural part on the other side of the edge being in 
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compression. Another reason for the increasing difference with decreasing reinforcement amount is that 
in the non-linear analyses, the total restrained deformation in the abutment is considered. This 
deformation can be estimated to 0.68 mm as is shown in Equation (4). In the equation, ΔLR is the total 
restrained deformation, ΔT corresponds to the combined difference in desired elongation between 
abutment and foundation due to thermal action and shrinkage, α is the coefficient of thermal expansion, 
R is the average degree of restraint at the level of height in the abutment where the restraint is largest, 
and L is the length of the bridge in the transversal direction. As the crack width should not be larger than 
the total restrained deformation, it is not surprising that the crack widths in Figure 18 according to the 
non-linear analyses remain below 0.68 mm. Further, as there are more than one crack in the walls (see 
Figure 19) which together should not exceed this value, it is even less surprising. 

∆𝐿𝐿𝑅𝑅 = ∆𝑇𝑇𝑇𝑇𝑇𝑇𝐿𝐿 ≈ (10 + 7) ∙ 10−5 ∙ 0.4 ∙ 10 = 0.68 ∙ 10−3𝑚𝑚                    (4) 

The small influence of the reinforcement amount can also be seen by observing the crack pattern in the 
abutments, which are relatively similar. In the seven analyses, three cracks formed in the abutments in 
all cases except for when the cc-distance was 70 mm, in which case five cracks formed. The crack patters 
for the cases with φ16 cc 500 mm, φ16 cc 195 mm, φ16 cc 100 mm and 70 mm are shown in Figure 19. 
The smaller influence of reinforcement amount on crack widths was also seen in the tests performed by 
[22, 23], as is also shown in [1]. Note that the crack widths shown in Figure 19 are the actual results of 
the analyses, while the results in Figure 18 shows the characteristic crack widths, which in this case have 
been calculated as the maximum crack widths in the analyses multiplied with 1.3 [25]. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 19. Crack pattern in portal frame bridge with reinforcement φ16 with the cc-distances 500 mm (top left), 195 mm (top right), 
100 mm (bottom left) and 70 mm (bottom right) when subjected to a shrinkage difference, and having been subjected to 
characteristic loads which thereafter were reduced to quasi-permanent load values. The given crack widths have not been 
recalculated to characteristic values. 
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When the same minimum reinforcement is used as in Section 4.3.1 (φ16 cc 195 mm on both sides of the 
cross section) the characteristic crack width (0.34 mm) is larger than the limit values for crack widths 
in Swedish bridges (often 0.15 or 0.20 mm [14]). It should however be noted that the crack width 
resulting from the analysis is dependent on the bridge geometry, i.e. no general conclusion could be 
drawn from the results. Also, along edges where differences in shrinkage due to casting of the bridge in 
stages can appear, extra reinforcement of 5 φ16 bars are generally placed in Sweden on both sides of 
the cross section in the newer part, with a 200 mm cc-distance. This means that in a real case, more 
reinforcement should be placed in the lower part of the abutment. However, this reinforcement is placed 
lower than the height levels of the largest crack widths in the model, and when the reinforcement is 
included, the maximum characteristic crack width is only reduced to 0.32 mm. 

Figure 20 shows the maximum characteristic crack widths in different steps of the analyses. The graph 
shows how the maximum crack width develops under loading up to characteristic load and unloading to 
the quasi-permanent load level. The difference in strain between abutment and foundation, shown on 
the horizontal axis in the figure, is caused by both shrinkage and thermal action. It can be seen in 
Figure 20 that the crack widths did not increase linearly with the increasing restrained strain, as is 
suggested in e.g. Eurocode 2-3 [27]. The reason for the crack widths not being proportional to the 
applied restraint loads is likely the reduction of restraint that occurs as the structure cracks. The effect 
of reducing the thermal action from its characteristic value to the quasi-permanent value is also visible 
in the figure. 

 

 

 

 
 
 

 

 

 

Figure 20. Development of crack widths in analyses of cracking in the lower part of the abutment in portal frame bridges. The 
horizontal axis shows the corresponding temperature difference between abutment and foundation, i.e. the combined effect of 
shrinkage and thermal action. 

It should be noted that in many of the analyses, the largest crack width appeared before the largest 
restraint load was applied. This indicates that the crack width for quasi-permanent action would have 
been larger, if the load had not been increased all the way to the characteristic value prior to the load 
reduction. In the case of cc 500 mm in Figure 20, the largest quasi-permanent crack width would have 
been obtained if the load increase was stopped before the formation of the second crack, at a desired 
strain difference of 3.25·10−4. This can also be understood as since the formation of additional cracks 
reduces the stiffness of the structure, the largest stiffness of a cracked structure is obtained when only 
one crack is present. 

An investigation of the effect of changing the width of the bridge was also made. The analysis model 
with reinforcement cc 300 mm was used, and the width of the bridge was changed from 10 m to 5 m 
and 15 m, respectively. A comparison of the results from using both non-linear analysis and the 
conventional design method is shown in Figure 21. The crack widths in the figure are not recalculated 
into characteristic values. The maximum characteristic crack widths were 0.25 mm, 0.39 mm and 0.51 
mm respectively in the analyses with widths of 5 m, 10, and 15 m respectively. The comparison shows 
that increasing the width of the bridge increased the crack widths significantly, but the results are likely 
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sensitive to the exact number of cracks forming in the analyses, and can be different for different bridge 
geometries.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 21. Illustration of cracks in portal frame bridges width different widths. 
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